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EFFECT OF SILICA FUME AND FIBER REINFORCEMENT ON
STRENGTH IN LIME STABILIZED KAOLINITE CLAY

Meral Dayan, Mugla Sitki Kogman University, Dept. of Civil Eng., meral_045@hotmail.com
Altug Saygili*, Mugla Sitki Kogman University, Dept. of Civil Eng., saygili@mu.edu.tr

ABSTRACT

This research was conducted to study the effect of polypropylene fiber-silica fume mixture
addition on the geotechnical properties of lime rich kaolinite. Control and modified samples
were compacted at optimum moisture content and cured for 28 days and tested for compression.
For SEM imaging, specimens were cured for 1 year. Polypropylene fiber, silica fume and fiber-
silica fume mixture increased the unconfined compressive strength values and changed the
ductility behavior of the lime rich kaolinite specimens. Silica fume particles reacted with lime
rich kaolinite as an extra silica source needed for hydration reactions. CSH gel products were
formed, which surrounded the kaolinite particles. Fibers improved the friction resistance,
interlock effect was created by cementation reactions between lime stabilized soil, fibers and
silica fume. Silica fume and fiber modified lime rich clay reached the maximum strength at
0.25% fiber and 10% silica fume added specimens, strength values started to decrease with
increasing fiber ratios. Silica fume, synthetic fiber and fiber-silica fume modified samples had
an increase in compressive strength values and the ductility behavior of specimens have
changed. The results indicated that fiber-silica fume modified kaolinite clay can be an
environmentally friendly alternative in soil stabilization projects by utilizing an industrial
waste.

Keywords: Soil Stabilization, Clays, Industrial Wastes, Silica Fume, Fibers.

1. INTRODUCTION

Constructing structures on weak soils creates problems during and after the construction phase
in the form of slope instability, excessive settlement and bearing failure. Improvement of
engineering properties such as compressibility and shear strength characteristics of soft soils
can be undertaken by several ground improvement techniques [1-3]. Ground improvement
methods include use of admixtures, soil replacement, compaction, preloading, and thermal
methods [4-7].

Utilizing existing clayey soil in subgrade or backfill applications after stabilization has become
popular due to environmental and economic reasons [8, 9]. An increasing number of studies in
recent years show that strength of clayey soils has been improved by mixing soils with fly ash
and cement to improve the compressive strength [10-15].

Many researchers studied natural, manufactured, and by-product materials for stabilizing the
fine grained soils. Investigations conducted by researchers showed that silica fume improved
geotechnical properties of the fine-grained soils such as hydraulic conductivity, unconfined
compressive strength, and swelling behaviors [16-18].

Cai et al. investigated polypropylene fiber (0.05%, 0.15% and 0.25% by weight) and lime (2%,
5% and 8% by weight) modification on clayey soils [19]. Results showed that lime, fiber
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content and curing period increased compressive strength values. The optimum strength gain
was achieved with 5% lime in this study. Fratalocchi et al. conducted laboratory and test pad
experiments on lime stabilization [20]. Low compressibility and high shear strength was
observed on laboratory work and tests pads. Mukhtar et al. worked with lime stabilization on
highly expansive clays [21]. Results indicated that 5% lime is the optimum amount for reactions
in soil stabilization with lime on expansive soils.

Soil is capable of withstanding compressive and shear forces however it demonstrates low
performance with tensile forces. Soils modified with randomly distributed fiber created
attention in geotechnical engineering and many studies have been conducted with natural and
synthetic fibers in soil reinforcement [2, 16, 22]. Results obtained from current studies indicated
that the strength increase occurs because of fiber strength, fiber content and friction between
soil and fiber interface. Incorporation of fibers in geotechnical projects is a trending topic for
researchers because natural and synthetic fibers are economic options to alternative
construction materials [23, 24]. Additionally, synthetic fibers can also be produced from
recycled materials which reduces environmental impacts.

The main objective of this study is to examine the silica fume and synthetic fibers’ interworking
performance as a stabilizing agent in the lime stabilized kaolinite samples. To achieve this
objective, natural and stabilized kaolinite samples have been tested in the laboratory. In
addition, microstructure analysis has been conducted through scanning electron microscopy.

2. MATERIALS AND METHODS
2.1. Materials

Kaolinite was supplied from Canakkale region in Northwest Turkey. According to the United
Soil Classification System, the soil is a low plasticity inorganic clay (CL). The silica fume used
in this research was obtained from Eti Electrometallurgy Inc. located in Antalya, Southwest
Turkey. Slaked lime was supplied from Mugla, Turkey. Considering the UCS performances
together with cost-benefit advantages, the effective dosage rates of stabilizers were separately
found as 5% for lime [2, 19, 21].

Silica fume is a valuable by-product pozzolanic material mostly effective in high performance
concrete production having average grain diameter about 0.1 pum and unit weight 200-250
kg/cma3.

Synthetic polypropylene fibers were supplied from Polypropylene Fiber Inc. located in Istanbul,
Turkey. The polypropylene fibers were 12 mm. in length and 30 um to 40 um in diameter,
having specific gravity 0.91 g/cm3, with tensile strength of 600 MPa, elastic modulus of 3 GPa
and linear strain at failure of 25 percent.

2.2. Sample Preparation

The required amounts of kaolinite, lime, silica fume and fibers for each sample were mixed in
dry state. The kaolinite specimens were enriched with 5 percent by weight lime to provide extra
calcium for the cementation reactions [19,21]. The specimens were mixed with silica fume
content changing from 0 to 10 percent and fiber content varying from 0 to 1 percent by weight.
The standard proctor compaction test was conducted through ASTM D698-12e2 to determine
maximum dry unit weight and optimum moisture content.

Samples were compacted at maximum dry density and optimum moisture content using
Harvard mini compactor for unconfined compression testing in which the specimen size was
34 mm. in diameter by 72 mm. in height. After compaction, samples were wrapped with cling
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film and afterwards with aluminum foil to preserve the moisture, then stored in a humidity and
temperature controlled curing room. In total, 96 samples were prepared, in the testing setup
three duplicate samples for each sample type was tested. The unconfined compressive strength
values of modified clay samples were determined in accordance with the ASTM D2166M-16.

To investigate interaction and cementitious bonds between lime rich clay, silica fume particles
and synthetic fibers, modified samples were analyzed with scanning electron microscope
(SEM). The test results were interpreted with JEOL JSM-7600F scanning electron microscope
at Mugla Sitk1 Kogman University Central Research Laboratory.

3. RESULTS AND DISCUSSION

Figure 1 illustrates the stress-strain curves of the modified lime rich clay with fibers at various
silica fume content. As shown in Figure 1, samples with 0% silica fume content showed ductile
behavior while the other samples reached maximum strength values at lower strain, ranging
from 1 to 2%, with the rise in silica fume content. Cementation reactions probably were the
main factors on the change in the ductility of the modified lime rich clay as silica fume content
increased [25].
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Figure 1. Stress-strain graph of samples Figure 2. Effect of polypropylene fiber on the
modified with varying silica fume content unconfined compressive strength  with
varying silica fume contents

The effect of the silica fume, synthetic fiber and silica fume-fiber mixtures on the unconfined
compressive strength values are displayed in Figure 2. Compared to control samples (CF0S0),
the strength values of the stabilized samples containing 0.25% fiber and 10% silica fume
(CF0.25S10) increased 8 times (Figure 2). Performance gain in the stabilized samples is
attributed to the internal friction of silica fume grains and cementation reactions within clay,
lime and silica fume [26].

Figure 3 and 4 show the scanning electron microscope images of the modified kaolinite clay
samples after 1 year curing. CSH gel and lime rich kaolinite remaining on the sheared sample’s
synthetic polypropylene fiber strip are visible in the image. The plant root effect distributed
stresses in a wider area and fiber strip pulled off cemented soil material while shearing, however
the fiber itself was not ruptured [27].
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Figure 3. Image of fiber and silica fume Figure 4. Silica fume and lime modified
modified clay with 0.25% fiber and 10% kaolinite covered with cementitious products
silica fume after 1 year curing (CF0.25S10- after 1 vyears of curing (CF0.25S10-
magnification 500x) magnification 2000x)

Silica fume particles reacted with lime rich kaolinite and with hydration reactions CSH gel
products were formed, which surrounded the kaolinite particles as seen in Figure 4. CSH gel
filled the voids of the modified samples [28].

The soil matrix had a stronger structure after the curing period and caused a significant increase
in strength and ductility behavior as seen in the experimental results.

4, CONCLUSION
The following outcomes are obtained from this study:

«Silica fume, synthetic fiber and fiber-silica fume mixture addition increased the UCS and
changed the ductility behavior of lime rich kaolinite specimens.

*From the SEM micrographs it is seen that silica fume addition with lime helped to create CSH
gel. Pores are filled with hydration products and the modified structure of the soil matrix
affected the strength properties.

*To conclude, fiber-silica fume mixture can be utilized in kaolinite clay stabilization. This
method decreases the stabilization costs by utilizing a by-product material (silica fume) in an
advantageous manner in geotechnical applications.
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ABSTRACT

In the context of this study, usage of rigid inclusions in foundation systems is investigated. The
method consists of pile-like inclusions placed under the foundation, which are disconnected
from the foundation slab, while a cushion layer acts as a load transfer platform between the
structure and soil-rigid inclusion medium. Thus, load distribution and load transfer mechanisms
that govern the stability of structures that favor such design show major differences compared
to the traditional deep foundation systems such as piled raft foundations. Examination of the
mentioned characteristics of the usage of rigid inclusions in soil opens a new study area in
geotechnical engineering. In this paper, possible advantages and disadvantages on the topic are
studied. The static behavior of rigid inclusions are investigated on a caisson bridge foundation
model using axisymmetric and plane strain model conditions. The site consists of a soft clay
layer and vertical inclusions behave as floating (friction) piles. Finite element numerical models
that include rigid inclusions are analyzed in terms of structural and geotechnical aspects.
Responses of the connected and disconnected foundation systems are compared in terms of
axial load, settlement, shaft resistance and efficiency. Analysis results indicate that it is possible
to reduce the axial load carried by the piles depending on the thickness of the cushion layer and
pile spacing. Benefits of rigid inclusions and their utilization in foundation engineering are
discussed.

Keywords: Rigid Inclusions, Disconnected Piles, Piled Raft Foundation, Load Transfer
Platform, Load Transfer Mechanism.

1. INTRODUCTION

Depending on the soil conditions and structural properties, a shallow foundation type might be
insufficient against the geotechnical problem on hand in terms of bearing capacity and/or
excessive settlements. Under the circumstances, the engineering solution may involve the
improvement of the soil properties or the design of a deep foundation system that meets the
project requirements. Soil improvement can be simply explained as the use of different
techniques depending on geological conditions to improve the engineering properties of soil
such as its stiffness and hydraulic conductivity so that it can safely withstand the loads from a
structure. Adopting piles in the design of a deep foundation system is a common practice. Loads
from the structure in this case are transferred into deeper soil layers that can resist them. Both
methods have their advantages and disadvantages to them. It requires sufficient investigation
and planning to choose the particular solution that is best fitted to the present problem.
Traditional pile supported foundation systems are connected to a pile cap or raft. Structural load
is either assumed to be carried solely by the piles or partially by soil. Pile — foundation
connection is a critical point for the system as the maximum axial load is expected to occur
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here. Critical bending moment from the lateral loads or eccentric loading also develops at this
point. Importance of the pile — raft/cap connection is crucial for the system.

To reduce the internal forces acting on the pile head and lower the expenses of the deep
foundation system, a relatively recent method is to disconnect the piles from the foundation
slab and leave a gap in the system. In some cases, the difficulty of establishing a structural
connection between foundation base and piles as in deep offshore structures makes it a necessity
to disconnect the vertical elements from the foundation. The Rion-Antirion bridge in Greece
[1] and izmit Bay Bridge in Turkey [2] are both instances of the system, often described as
innovative solutions in the literature. Beneath the foundation, a cushion layer consists of
compact material like gravel or a thin concrete bed is placed above the pile group. This layer
acts as a load transfer medium that preferably uniformly distributes the structural load to the
piles and foundation soil. Mechanism of the load distribution through this layer is a complex
progress. Static and dynamic response of the disconnected system is a developing topic yet to
be investigated by researchers.

Some of the main variables that affect the disconnected pile systems can be defined as; thickness
of the cushion layer, pile spacing, strength parameters of the cushion layer and magnitude of
the load. In this study, effects on the thickness of the cushion layer and pile spacing is chosen
as the subject. Both pile spacing and cushion thickness are primary parameters that govern the
load transfer mechanism of the system.

2. LOAD TRANSFER MECHANISM

In the absence of a physical pile to foundation connection, the structural load is transferred
through a gravel or usually an unreinforced concrete mattress. Purpose of this layer, other than
obviously filling the gap between pile heads and raft, is to uniformly distribute the load to the
piles. A significant amount of load is also carried by the soil underneath, leading to a decrease
in the axial load along the piles. Since there is no structural connection at pile heads, bending
moment is expected to be zero at this point. Location of the maximum axial load should shift
towards the middle of the pile, which depends on the magnitude of the load, skin friction along
the shaft and soil settlement around the pile. Aside from the soil properties, friction/adhesion
force that is developed around a pile depends on the relative axial displacement of the pile.
When all load is supported by the piles, piles would show larger displacement than the
surrounding soil at the respective depth. However, in case of disconnected piles, some of the
load will be carried by the soil. Within the soil body that is closer to the pile head, because of
the high stiffness of the vertical support elements in comparison to soil, rigid inclusions are to
experience less settlement than the soil at the same depth. This results to a negative skin friction
on the shaft, until to the point where both settlements get equal to each other. The depth where
the relative displacement of the pile becomes zero is often named as neutral axis. The neutral
axis coincides with the location of the maximum axial load of a pile.

One of the main aspects that define the load transfer mechanism of the disconnected pile
elements is the ratio of the load that is carried by the vertical inclusions to the total vertical load.
The term often expressed as efficiency, E is difficult to fully discern because of the complexity
of the mechanism through the load transfer platform. In the literature it is investigated using
empirical formulas, analytical expressions with assumed failure surfaces, numerical solutions
and experimental methods such as scaled models and centrifuge tests [3]. Main dependencies
of the mechanism can be summed up by load magnitude, pile spacing and diameter, thickness
of the load transfer platform and soil properties. Usage of geosynthetic materials to distribute
the load more evenly can be considered another factor to the load transfer mechanism. Blanc et
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al. also studied the effects of a geosynthetic layer placed under the load transfer platform in
terms of the systems efficiency and differential settlement [4].

Chevalier et al. investigated the load transfer mechanism through the load transfer platform
based on Carlsson’s assumption [5]. The kinematics behind the redirection of the load from the
cushion layer to the piles is in a form of an inverse pyramid with an angle close to the peak
friction angle of the granular material that forms the load transfer platform [6]. Using an inverse
pyramid assumption as the load distribution mechanism leads to a pile to carry more load as the
cushion thickness increases, thus also increasing the efficiency of the system.

3. NEUTRAL PLANE

To investigate the negative friction phenomenon and its depth along a vertical inclusion
element, a single friction pile in soft clay (cy = 40 kPa) with a diameter of 1 m is analyzed under
uniform static structural load. The load transfer platform consist of a dense granular bed (¢’ =
40° ¢’ = 1.0 kPa). The thickness of the cushion layer varies in range of 0.5 — 3.0 m. Vertical
inclusion is modelled as a volume with linear elastic properties.

Figure 1 illustrates the vertical displacement of soil and rigid inclusion. The point where the
relative displacement between the two material becomes zero shows the location of the neutral
plane. To get more precise values for the depth of the neutral plane, cross section along the
interface of pile — soil is investigated. Shear stress developed on the section (oxy) is plotted.

As the thickness of the load transfer platform increases, depth of the negative skin friction and
hence depth of the neutral plane increases. In Table 1, depth of the zero skin friction from the
soil surface is shown for 95 kPa and 240 kPa loads. Effect of the load on the depth of the neutral
plane decreases as the thickness of the granular mattress increases.

Figure 1. Relative displacement of pile — soil for varying cushion thicknesses: a) No cushion,
b) 3m, ¢) 2.5m, d) 2m, e) 1.5m, f) 1m, g) 0.5m.
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Table 1. Location of neutral plane in axisymmetric model.
Neutral Plane

Location, m
Load, kPa 95 240
Connected Pile 0 0

Raft - -

L 05m 4.2 3.4
% £ 1.0m 6.3 5.3
I: S 15m 7.6 6.5
s & 20m 8.3 7.6
§ o 25m 8.7 8.5
30m 8.9 9.3

During the load transfer through the cushion layer, soil nodes above the pile head show less
vertical displacement compared to the surrounding layer. This leads to the formation of an
arching effect within the load transfer platform. To observe this effect in the numerical analysis,
a model with multiple piles is needed. As such, a model containing three piles is created with
the same soil conditions.

In terms of the location of the neutral plane, thus negative friction developed along the pile
shafts, the behavior of the model is similar to the axisymmetric model. Depth of the neutral
plane decreasing as the thickness of the load transfer platform decreases. Magnitude of the load
does not affect the location of the neutral plane in a significant manner. Table 2 shows the depth
of the neutral plane for 95 and 160 kPa loads with varying cushion thickness values.

Table 2. Location of neutral plane in plane strain model.

Neutral Plane Location, m

Load, kPa — 95 160 95 160 95 160
Pile Location — Center Pile Outer Pile
Center Side Outer Side
Connected Pile 0 0 0 0 0 0
Raft - - - - - -
_ 0.5m 4.6 4.6 195 191 32 28
& = 1.0m 5.7 5.7 200 198 45 42
E E 15m 6.3 6.1 201 201 54 51
- & 20m 6.8 6.5 201 20.1 6.0 57
§ 0 25m 7.3 6.7 202 203 64 6.2
3.0m 7.7 6.7 203 205 6.6 6.5

Figure 2 illustrates the vertical displacement of the connected system and system with 3.0 m
load transfer platform. When the vertical pile element is not at the center, for corner piles, depth
of the neutral plane has different values for left (facing center) and right (facing outwards) side
of the pile.

Numerical analysis results indicate that the thickness of the load transfer platform has a
relatively greater effect on the depth of the neutral plane than the magnitude of the load.
Physical centrifuge tests performed on the subject reveal the depth as a linear function of the
surrounding soil’s settlement [7].

10
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Center Side

i

Figure 2. Vertical displacement of a) Connected pile system b) System having 3.0 m load
transfer platform

4. SETTLEMENTS

Settlement of the foundation system depends on the load transfer platform’s thickness and
magnitude of the load. Settlement values for particular loads of 95 kPa and 240 kPa are given
in Table 3.

Table 3. Settlements at the center of the raft.
Settlement, mm

Load, kPa 95 240

Connected Pile 2.4 6.3

Raft 86.8 244.3

0.5m 11.3 21.9

3 1.0m 13.2 35.0
% E

|‘_£ 5 1.5m 14.0 39.6
Y

- & 2.0m 13.2 41.2
T 0

9 25m 12.4 40.0

3.0m 11.7 39.6

Although there is not a drastic difference between different conditions, the results indicate no
simple linear relation exists between settlement and cushion thickness. As the thickness
increases, settlement also increases until a certain cushion height has been reached, then starts
to decrease with an increase in height. In terms of settlement, connected single pile gives the
lowest value, wherein raft only foundation system is unable to carry the load and show
excessive settlements. However, the overall behavior of the system becomes more brittle as
well.

In another model, piles are modelled as embedded beam row elements to consider the out of
plane direction to some degree. Section of the model can be seen in Figure 3. To see the effects
of the pile spacing, varying center to center distance of the pile elements are investigated. Table
4 shows the settlement of the foundation for different model types respect to pile spacing under
95 kPa uniform loading.

11



1st Mediterranean Young Geotechnical Engineers Conference
23-24 September 2019, Mugla, Turkey

Table 4. Settlement values for varying cushion thicknesses and pile spacing.
Settlement (cm)
Center to Center Spacing (m)

Cushion
Model Type Thickness 3.5 5 7 10
(m)
Raft - 214 214 214 214

- 4.5 58 7.8 12
1 6.6 89 109 125
2 6.2 82 99 11.5
3 5.9 77 93 108

Connected Pile

Rigid
Inclusions

Uniform load g = 95 kPa

Load transfer platform

(varied height)

Foundation plate

Embedded beam rows (varied spacing) Soft Clay, cu = 40 kPa

Figure 3. Section of the model produced by utilizing embedded beam elements.

Similar to the other models, for cushion thicknesses of 1.0, 2.0 and 3.0 m total vertical
settlement of the foundation decreases with the height of the load transfer platform. Lowering
the pile spacing also decreases the settlement values as expected. However, group effect is
another parameter to be considered in this case.

5. AXIAL LOADS

Internal forces developed along the embedded beam row elements are investigated for the
understanding of static behavior of the connected and disconnected pile elements in the model.
Center to center pile spacing varies between 3.5 — 10 m. Axial load transferred from the
foundation and load transfer platform to the pile heads are shown in Table 5. Efficiency defined
as the ratio of the total load carried by pile elements to the total vertical load is also given in the
table.

For the same spacing intervals, as the load transfer platform thickness increases, load carried
by the piles, thus efficiency increases. However, in all cases, the efficiency is relatively smaller
than the case where the piles are structurally connected to the pile cap. In the presence of a load
transfer platform, a significant percentage of the total load is carried by the foundation soil. By
utilizing the bearing capacity of the soil underneath the cushion layer, it helps to reduce the
internal forces developed on the piles. For varying pile spacing, the analysis results indicate
that an increase in the distance between piles lower the efficiency of the system by inducing
more pressure to the soil under the load transfer platform. Findings related to pile spacing and
load transfer platform thickness coincide with the experimental studies in the literature.

12
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Table 5. Variation of total pile load and efficiency for different cushion thicknesses and pile

spacing.
Cushion . -
Model Type Thi(cnligless Spacing (m) Eg;?jl (illl\le) TOtle\ll‘)oad Effzg/lc()e)ncy

- 3.5 31962.35 32585 98.1

: 5 45197.5 47500 95.2
Connected Piles i 7 57470 65170 88.2
- 10 65223 95000 68.7

1 3.5 13557.46 29925 45.3

1 5 15242 42750 35.7

1 7 16368.24 59850 27.3

1 10 18596 85500 21.7

2 3.5 14560.56 29925 48.7

2 5 16395.8 42750 38.4

2 7 18412.8 59850 30.8

Rigid Inclusions 2 10 18711.2 85500 21.9
2.5 3.5 14787.15 29925 494

2.5 5 16792.7 42750 39.3

2.5 7 18796.26 59850 314

2.5 10 19346.4 85500 22.6

3 35 16376.15 29925 54.7

3 5 18928.3 42750 44.3

3 7 20938.82 59850 35.0

3 10 21391 85500 25.0

Centrifuge modelling tests performed by Okyay et al. point out the importance of the pile cap
ratio and platform thickness in the load transfer mechanism. A sufficient load platform height
is needed for the arching effect to develop within the load transfer cushion and to evenly
redistribute the structural load onto the pile elements [8]. Figure 4 illustrates the load carrying
mechanism of the piles for the cases of connected and disconnected elements. Maximum
displacement, axial and unit shaft friction forces are shown for the connected system and system
having 3.0 m load transfer platform thickness. Pile spacing is 7.0 m in both cases. For the
disconnected pile, axial load increases until the depth of neutral axis, wherein for structurally
connected pile maximum axial load develops at the pile head and decrease from that value with
depth.

a) Connected b) Disconnected

qd.
1N\

Uy =7.8cm Nmax=3745 KN Tsmax=409 kN/m | Uy = 4.1 cm Nmax=2443 KN ' T nax=409 KN/m

Figure 4. Axial load and skin resistance developed on a) Connected pile, b) Disconnected
pile
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6. CONCLUSION

Utilizing a structurally disconnected pile — foundation system with a cushion layer in-between
as a load transfer medium could show benefits. A load transfer platform positioned between
pile elements and foundation slab distributes the total load to the piles and soil underneath the
platform. Unlike traditional piled foundation systems, a significant amount of the load can be
carried by the soil. This helps to reduce the axial load along the piles. Eliminating the structural
connection between pile head and pile cap can reduce the costs and improve the construction
process, especially in places where it is difficult to establish such connection such as offshore
structures and piers.

Although the analysis indicate connected pile systems show minimum settlements, systems that
utilizes disconnected piles with a load transfer platform still demonstrates relatively small
settlements in comparison to a shallow foundation.

The load transfer mechanism of disconnected pile systems leads to the development of a
negative skin friction in the upper portion of the piles. Neutral plane, the depth where the shaft
resistance becomes zero, depends on the magnitude of the load and height of the load transfer
platform. As the thickness of the load transfer platform increases, depth of the neutral plane
increases linearly.

In terms of 1.0, 2.0 and 3.0 load transfer platform thicknesses, settlement decreases with the
height of the cushion layer.

The ratio between the axial load carried by piles and total load, efficiency, increases with the
thickness of the load transfer platform, and decrease with the pile-to-pile spacing.

Maximum axial force developed along the pile decreases with the utilization of a load transfer
platform between the piles and pile cap. Location of the maximum axial load coincides with
the location of the neutral plane instead of occurring at the pile head.
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ABSTRACT

Sedimentation is the process of allowing particles in suspension to settle down under the effect
of gravity. Settling behavior is one of the most important characteristics occurs when clay
particles settle in the sea or when clay particles transported with a river flow. Therefore, many
researchers have suggested some tests to gain insight into the sedimentation mechanism and
sedimentation formation characteristics. This study aimed to categorize the physico-chemical
properties of bentonites with the sedimentation characteristics in different pore fluids the
sedimentation tendencies of bentonites were correlated with the physico-chemical properties of
bentonites such as consistency limits, clay contents, cation exchange capacity, specific surface
area and smectite content. The results showed that physico-chemical properties of bentonite
have fair relationships with the sedimentation characteristics.

Keywords: Sedimentation, Bentonites, Geosynthetic Clay Liners (Gcls), Correlations

1. INTRODUCTION

Bentonite is composed of montmorillonite mineral which is widely used in various industrial
products. Due to its low hydraulic conductivity (< 2.0x10 m/s), it is also the main constituent
of geosynthetic clay liners (GCLs) and sand-bentonite mixtures (SBMs).

Determining the hydraulic conductivity of bentonites is a time consuming process. The test that
is to be conducted on bentonite is complex and the equipment used during testing is expensive
(especially when flexible wall permeameter is used). Although hydraulic conductivity test must
be performed in every case, some other tests are also carried out to support the results or to
estimate the hydraulic conductivity of bentonite in a simple and quick way. One of the most
significant test that has been considered so far is swell index test. In that test, the swelling ability
of bentonite can be determined by freely pouring the bentonite using different liquids and the
swell volume is recorded after one day of hydration. Then, the tendency of swelling in these
liquids can be compared with the hydraulic conductivity of the bentonite. However, swell index
test has some disadvantages such as: (i) formation of flocs on the liquid surface and rapid
settling, (ii) existence of entrapped air within flocs, and (iii) irregular surface of settled bentonite
that make it hard to record the correct value of swell index. Therefore, alternative test method
may be suggested such as sedimentation test which has less handicaps with respect to swell
index test.

Sedimentation is the process of settling down of suspended particles in water by gravity. Imai
(1980a) has been categorized sedimentation characteristics as: (i) Dispersed free settling, (ii)
flocculated free settling, (iii) zone settling (consist of flocculation, settling and consolidation
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stages), and (iv) consolidation settling. Based on Imai’s (1980) study, Sridharan and Prakash
(2001) simplified the sedimentation behavior and classified as dispersed free settling and
flocculated free settling. After a while, Kaya et al. (2006a) proposed another type of settling
named as “mixed settling” in which the heavier particles settle immediately, and the remaining
particles form flocs (or aggregates) to serve flocculation settling.

Sedimentation characteristics of any type of soil basically depend on two major factors such as
solid to liquid ratio and pore medium chemistry. Imai (1980b) showed how sedimentation
characteristics change with the solid to liquid ratio and pore fluid chemistry of the medium.
Increase in the concentration of the pore medium or solid to liquid ratio led to facilitate the
flocculation type of settling. In addition to this, some factors like particles size, clay contents,
and smectite content have an influence on the sedimentation characteristics as well. Sridharan
and Prakash (1999) have suggested that the sedimentation under different environments is
strongly influenced by the clay mineralogy of soils. Kaya et al. investigated (2006b) the settling
characteristics of kaolin clay under different concentration levels and pH conditions and
reported that there is fair relationship within these factors.

Although several studies with sedimentation tests have been conducted so far, most of these
studies were applied using natural soils or clays. In this study, however, the sedimentation
behavior of 2 g of bentonite was evaluated. Swell index test is conducted with 2 g of bentonite
and immediately after recording the swell volume, sedimentation test can be carried out by
vigorously shaking the graduated cylinder. Then, the settling regimes of the particle can be
observed. After recording the swell index value the sedimentation test can be performed on the
same samples no need to prepare any new sample and since the same sample is used, the
correlation efficiency of swell index and sedimentation behavior (or volume) to different
properties of bentonite can be compared within each other more realistically. In this study, only
sedimentation behavior of bentonites and its correlations with some basic index properties of
bentonite have been reported.

2. MATERIALS AND METHODS
2.1. Materials

Total of 8 bentonites were used in this study which had been obtained from different places.
Three of them were taken from GCLs manufactured by the local producer and remaining has
been collected from the available companies in the local market. Some of the bentonites used
in this study were rich of sodium and polymer-treated; some were in their natural form. All
bentonites were oven dried at 105°C before starting the tests. After drying, they were grinded
in a mortar and passed through No 200 sieve (< 0.075 mm). Then, all samples were kept in
plastic bags until testing. Then, sedimentation tests were conducted in 100 mL graduated
cylinders using deionized water (DIW).

2.2. Methods

For the sedimentation test, the graduated cylinder was initially filled with water until 90 mL
level, then, 2 g of bentonite were poured in the cylinder to determine the swell index as
described in ASTM:D5890-11 (2011). When all bentonites were poured in water, the level of
water in the cylinder was raised to 100 mL. After 24 hours of hydration the swell index was
recorded and the graduated cylinder was vigorously shaking until all bentonite particles were
mixed into the water. Then, the graduated cylinder was stand over a desk and time was initiated.
Suspension started to settle down and the sedimentation behavior was examined throughout the
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test duration. Sedimentation volumes were also recorded at the end of 1, 2, 5, 10, 15, 30, 60,
120, 240, 480 and 1440 minutes (sometimes with extended reading times).

The well-known consistency limits tests were conducted as specified in ASTM:D4318-05
(2005). The clay contents of the bentonites were determined from sieve and hydrometer
analyses (ASTM:D422-63 2007). The cation exchange capacities (CEC) were measured by
washing bentonites in the sequence of 1M ammonium acetate, isopropanol and 1M potassium
chloride. Finally, the filtrates were transferred to spectrophotometer and the nitrogen
concentrations were measured (ASTM:D7503-10 2010). The specific surface areas (SSA) of
bentonites were measured using methylene blue and filter paper. The details of about this test
can be found in (Oren et al. 2018; Yukselen-Aksoy and Kaya 2010). The physicochemical
properties of bentonites are presented in Table 1.

Table 1. The Physico-Chemical Properties of Bentonites

. . Clay Cation Specific
. Liquid Plastic Exchange
Bentonite —_ -~ Content . Surface Area
Limit (%) Limit (%) (%) Capacity (m2/g)

(cmol/kg) g
B-1 283 48 67 85 832
B-2 529 38 73 73 637
B-3 552 41 78 105 607
B-4 149 42 31 78 475
B-5 397 34 78 61 587
B-6 417 44 78 69 612
B-7 385 58 76 81 n.d.
B-8 240 53 54 73 n.d.

n.d.: not determined

3. RESULTS AND DISCUSSIONS

Similar to Kaya et al (2006b), the sedimentation characteristics of bentonite were separated into
three herein. The first one was characterized as the fast settling of particles through the bottom
of the graduated cylinder. This fast settling formed an accumulated layer at the bottom which
was followed by diffused particle layer over it. In this case, the sedimentation volume increased
with time, because accumulation was in upward direction. This type of settling is called as
accumulated sedimentation (AS) and the settling curve of this behavior is given in Figure 1a.
The second type of settling was in the flocculated form (Figure 1b). In this type of settling, the
particles immediately formed aggregates and settle down together. Since sedimentation was in
downward direction, the sediment volume decreased with time and a clear water was formed
over the flocs. This type of settling is named as flocculated sedimentation (FS). In between of
AS and FS, Figure 1c shows the third type of settling called as mixed sedimentation (MS) in
which the settling begun as accumulation and then turned to flocculation with time.
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Figure 1. Sedimentation behaviors of bentonites as a function of time: a) Accumulation
sedimentation (AS), b) mixed sedimentation (MS), and c) flocculated sedimentation (FS).

The sedimentation type and final sediment volumes of bentonites are summarized in Table 2.
The sedimentation type of B-1, B-3, B-4, B-7 and B-8 was AS, whereas that of B-2 and B-5
was MS. Only B-6 showed FS type of settling behavior (Table 2). On the other hand, the
greatest final sediment volume was obtained for bentonite which had FS type of sedimentation
behavior (B-6 and 73 mL/2g). Final sediment volumes were significantly lower for MS than for

FS and AS.

Table 2. The Sedimentation Characteristics and Final Sediment Volumes of Bentonites

Bentonite B-1| B2 |B3|B4|B5 | B-6| B-7| B-8
Sedimentation Type AS | MS | AS | AS | MS | FS | AS | AS
Final Sediment Volume (mL/2g) 8 2 4 6 1 73 7 4

18



1st Mediterranean Young Geotechnical Engineers Conference
23-24 September 2019, Mugla, Turkey

The consistency limits are considered as an index property of the soil that has wide applicability
in geotechnical engineering. Therefore, sedimentation characteristics were initially categorized
based on index properties (i.e. liquid and plastic limits) of bentonites. For example, the
sedimentation behavior was only AS type when the liquid limit was less than 300% (Figure 2a)
or the plastic limit was more than 45% (Figure 2b). In contrast, AS, MS or FS type of settling
was observed when the liquid limit was more than 300% (Figure 2a) or plastic limit was less
than 45% (Figure 2b).
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Figure 2. Categorizing the Sedimentation Behavior Based on Consistency Limits of
Bentonites

The relationship between final sediment volume and index property of bentonite cannot be
established. Because, only the sediment volumes obtained with AS had the tendency to increase
with the increasing of liquid limit. Thus, only the final sediment volumes obtained with AS
were correlated with the liquid limit of bentonites. Figure 3 shows that increase in the liquid
limit led to decrease the final sediment volume.
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Figure 3. Relationship between Liquid Limits and Final Sediment Volumes of Bentonites
The sedimentation characteristics of bentonite can also be evaluated in terms of clay content as
shown in Figure 4. Unlike MS and FS, AS type of settling can be observed within wide range
of clay contents (Figure 4).
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Figure 4. Categorizing the Sedimentation Behavior Based on Clay Contents of Bentonites

The categorization of sedimentation behavior is finally made by considering the specific surface
area (SSA) and cation exchange capacity (CEC) of bentonites. Figure 5a-b show the variations
of these parameters with the sedimentation behavior. The range of AS was 475-830 m?/g and
73-81 cmol/kg, when SSA and CEC are taken into consideration, respectively. However, the
ranges are limited when the sedimentation behavior was MS or FS. Note that, the bentonites
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used in this study served AS type of settling and the data set should be increased by adding
different types of bentonites to draw a solid conclusion.
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Figure 5. Categorizing the Sedimentation Behavior Based on Physicochemical Parameters of
Bentonites: a) SSA and b) CEC.

4. CONCLUSION

The present paper discusses the sedimentation characteristic of bentonites which were
conducted after swell index tests and with 2g. Then, the sedimentation characteristics were
evaluated based on physico-chemical properties of bentonites. In this study, 8 bentonites were
tested for this purpose. Five of these bentonites served AS type of settling, whereas the rest of
them served MS (two) and FS (one).

Interesting results were obtained from this study. For example, if the bentonite has lower liquid
limit, higher plastic limit and lower clay content, then, this bentonite will possibly settle in AS
form. However, if bentonite should have higher liquid limit, lower plastic limit, higher clay
content, then AS, MS or FS type of settling can be observed. In contrast, it is hard to say such
kind of conclusion when SSA and CEC are taken into consideration.
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ABSTRACT

The number of studies on the thermal behavior of soils have increased because of increase in
number and type of energy structures in last decades. The soils around energy structures must
retain without any changes at their engineering properties against temperature changes or
thermal cycles. Pumice is used for increasing thermal resistivity of materials in industry. It is
expected that when the pumice is added to the soil, it increases the thermal resistance of the
sand-bentonite mixtures. For that reason, 10% and 20% pumice were added to sand-bentonite
mixtures and compaction, consolidation behaviors at room temperature were investigated.
According to the results of the compaction tests, the maximum dry unit weight decreased in
the presence of 10% and 20% pumice when compared with 10% bentonite-90% sand (10B-
90S) and 20% bentonite-80% sand (20B-80S) mixtures. The results of consolidation tests
showed that as pumice content increases in the mixture the total vertical strain increased.

Keywords: Pumice, Compaction, Consolidation, Bentonite, Sand.

1. INTRODUCTION

The studies on the interaction of soils with heat in energy piles, nuclear waste insulation,
waste handling facilities, gas pipelines, electricity transmission lines have been increased
considerably in last decades. The engineering behavior of soils change depending on thermal
conditions. As a result of exposure of clay to heat, existing clay components expand and
causes increase in distances between clay layers [1; 2; 3] and also pore volume and pore size
increased with temperature [4].

Pumice is a volcanic rock with trapped gas bubbles formed during volcanic eruptions [5] it is
made up of Si, Al, K, Na, and Fe oxides, with a small percentage of Ca, Mg, Mn, and Ti
oxides [6]. Pumice is a raw material which is formed as a result of volcanic activities and is
used in many applications. The pumice is used in construction, textile, agriculture, chemistry,
industry, filtration and brick-ceramic production. Pumice is a highly porous material and
usually there is no connection between these pores. Therefore, it is a low permeability
material. The specific density of pumice is 2.5 g/cm?, the porosity is between 45% and 70%
and the hardness is between 5-6. The pH of the pumice value is around 7.0. The average
melting temperature of the pumice is 1343 °C [7]. There is no change in the volume of the
pumice under the 760 °C. The studies have shown that the heat resistance of pumice is high.
Pumice is available in two forms in nature, as acidic and basic. Acidic pumice has white and
dirty white color and basic pumice has brown or black color. The density of acidic pumice is
lower than the basic pumice.
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In the landfill and nuclear waste isolation as impermeable liners sand-bentonite mixtures are
used. Because bentonite is a material with low permeability and high water retention capacity.
Bentonite is a highly swelling clay and shrinks when becomes dry. Therefore, it is used by
mixing with sand in landfills. In order to increase the heat resistance of sand-bentonite
mixtures pumice which is a highly temperature resistive material can be used. For that reason,
the aim of this study is to investigate compaction and consolidation behavior of sand-
bentonite mixtures in the presence of 10% and 20% pumice. The results of this study is a part
of ongoing project. For that reason, the test results which were performed on sand-bentonite
mixtures under room temperature are given in this manuscript. In the frame of ongoing project
the same tests will be performed under high temperature (80 °C).

2. MATERIAL CHARACTERIZATION AND METHODS

2.1. Material Characterization

In this study, the tests were performed on the sand-bentonite mixtures. The bentonite sample
was taken from Eczacibasi Esan Mining Company and it is Na-bentonite. Pumice was
supplied from Pomza Export Mining Company. According to the results of sieve analysis
20.7% of the sand is fine material and it was used as sieved through No. 6 sieve. The
bentonite and pumice was sieved through No. 40 sieve. The sand and bentonite samples were
dried for 24 hours in the oven at 105 °C. The 10% bentonite-sand and 20% bentonite-sand
mixtures were used in the tests and these mixtures will be called as 10B-90S and 20B-80S,
respectively. The pumice was added to the sand-bentonite mixtures without drying. However,
the initial water content of pumice was determined at the beginning of the each test and initial
water content was considered in the water content calculations. It was changed between 3-5%.
The dry unit weight of the pumice is 12.98 kN/m? and specific gravity is 2.50. The physico-
chemical properties of the bentonite and sand were given in Table 1.

Table 1. The physico-chemical properties of the materials

Property Sample
Bentonite Sand
Specific gravity 2.70 2.63
Liquid limit (%) 476.0 -
Plastic limit (%) 70.10 -

2.2. Methods

The 10% or 20% pumice were added to the 10% and 20% sand-bentonite mixtures by dry
weight. In these mixtures the 10% or 20% of the total mixture amount was adjusted as
pumice. The remaining amount of the mixture were prepared as 10%bentonite-sand and 20%
bentonite-sand. The desired amount of water was added and the mixture were mixed
homogenously. Then samples were kept in a closed container for 24 hours in order to supply
homogenoity. For each compaction test, total four samples were prepared in different water
contents. The Standard Proctor Test was performed according to the ASTM D698 (2012) [8].

Consolidation test samples were prepared at their maximum dry unit weight and 2% wet side
of the optimum water content which was obtained from the Standard Proctor tests. The
consolidation tests were performed to according to ASTM D2435 (2011) [9]. Consolidation
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samples were prepared by compaction with wooden tampers. After preparing the samples
were waited for 24 hours under seating pressure (6.86 kPa). The load increment ratio (LIR)
was 1.0 ( 24.5 kPa, 49 kPa, 98 kPa, 196 kPa, 392 kPa and 784 kPa). When there is no
negligible change at deformations, the next loading was started. After completion of the
loading part of the test, the unloading part was started. The unloading was performed into two
steps; 784 kPa to 196 kPa, from 196 kPa to 49 kPa.

3. RESEARCH FINDINGS AND DISCUSSION

In this study, compaction and consolidation behavior of 10% and 20% bentonite-sand
mixtures in the presence 10% and 20% pumice were investigated.

3.1. Compaction Test Results

The compaction curves of 10B-90S and 20B-80S mixtures are given in Figure 1 and 2,
respectively. As can be seen from Figure 1, the maximum dry unit weight of the 10B-90S
mixture is 16.6 KN/m?, when 10% pumice was added (9B-81S-10P) this value decreased to
16.3 kN/m?. In the presence of 20% pumice the max. dry unit weight decreased to 15.6
KN/m?3. It was observed that pumice has a maximum dry unit weight reducing effect, however
it did not change the optimum water content values significantly. It is seen that, the effect of
pumice on the max. dry unit weight is similar for 10B-90S and 20B-80S mixtures.
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Figure 1. Pumice addition effect on the compaction behavior of the 10% bentonite-sand
mixtures
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Figure 2. Pumice addition effect on the compaction behavior of the 20% bentonite-sand
mixtures

3.2. Consolidation Test Results

The compression behavior of 10B-90S and 20B-80S mixtures was determined in the presence
of 10% and 20% pumice additives. As shown in Figure 3, the vertical deformation value of
10B-90S mixture in the presence of 10% pumice is 3.4% and in the presence of 20% pumice
this value increased to 5.9%. As the pumice content increases, total vertical deformation
values of the mixtures increase. For 20B-80S mixture, it was observed that there is no change
at the amount of deformation when pumice percentage increased from 10% to 20% (Figure 4).
The amount of swelling for 10B-90S mixture in the presence of 10% pumice is 0.2% and in
the presence of 20% pumice this value increased to 0.6%. The amount of swelling for 20B-
80S mixture in the presence of 10% pumice is 2.0% and in the presence of 20% pumice this
value 1.95%. It was observed that there is no significant change at the amount of swelling for
20B-80S mixture when pumice percentage increased from 10% to 20%.
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Figure 3. Compression curves of 10B-90S mixtures with pumice additives
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4. CONCLUSIONS

In this study, the compaction and consolidation behaviors of 10% and 20% sand-bentonite
mixtures were investigated in the presence of 10% and 20% of pumice. Generally, it was
determined that the presence of pumice decreased the maximum dry unit weight of the
mixtures but the water content change vaguely. When the percentage of pumice was fixed and
the percentage of bentonite increased from 10% to 20%, it was determined that the maximum
dry unit weight decreased. The results of consolidation tests showed that as pumice content
increases in the mixture the total vertical strain increased for both mixtures. Even though
pumice additive reduces the dry unit weight of the mixtures and increases the total
deformation amount, it may increase the strength of the mixtures against thermal changes. For
that reason, the same tests will be performed under high temperature as a future study.
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ABSTRACT

In this study, seismic resources around Manisa city center and sub-regions which have the effect
potential on the city center were grouped into six different sub-regions. The center of Manisa is
spread over a wide area and the distance to the other end of the city center exceeds 20 km. The
spread of the city center over a large area also differentiates the distances of points in the city
center from the seismic sources. As a result, the earthquake risk probabilities of different points
of the city center may vary. Considering this situation, micro-zoning for the city center,
Gutenberg-Richter magnitude - frequency relationship, seismic risk estimation and recurrence
periods were determined for each micro-zone and seismic sub-regions. In the analyses,
earthquake data belonging to both (1900 - 2015) (mw>4.0) and historical (I0 >5.0) periods
before 1900 were used. The detailed calculation results of the micro-regions are given in this
paper and the a and b coefficients calculated for the Gutenberg - Richter magnitude - frequency
relationship for the Manisa city center general (3.36 = 0.13) - (4.90 + 0.41) and (0.45 £ 0.02) -
(0.68+) 0.07). The results show that earthquakes in the seismic subregions 2, 4 and 5 for Manisa
city center may have devastating effects on earthquakes in seismic sub-regions 1, 3 and 6.

Keywords: Manisa City Center, Poisson Model, Seismic Risk, Source-to-site Distance
Probability Distribution.

1. INTRODUCTION

In previous studies, considerable seismic risk determination studies have been performed for
many regions including Western Anatolia [1; 2; 3; 4]. Field risk assessments provide general
and valid estimates of the earthquake hazard and probability for a given region, but they do not
fully reflect the earthquake risk of sites that can be considered as point on a surface such as city
center, port, bridge.

In this study, the seismic risk assessment for the province of Manisa was performed using the
Poisson model. The historical and instrumental earthquake records were used in seismic risk
assessment. The earthquake risk assessments of seismic zones are given together with distance
histograms.

2. SEISMOTECTONICS OF THE REGION

Turkey is located in the Alpine Himalayan tectonic belt. Although the tectonism in Anatolia has
been defined by different researchers [5; 6] has shaped the tectonism of the region in the north
Arap north-west direction of the Arabian plate, and at different speeds in the north of the African
plate.

The general seismic activity of Western Anatolia including the leading and aftershocks is given
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in Figure 2. When the mechanisms and locations of earthquakes occurred in the region are
examined, it is observed that earthquakes are clustered in different characteristic and activity
fault systems. The fault systems and seismic activity of the region were grouped into sub-
regions with similar characteristics by researchers [3; 4; 7]. In this study, Sayil and Osmansahin
(2008) considered the lower seismic zone for Western Anatolia Region (Figure 1).
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Figure 1.Fault lines and earthquake center bases in Manisa and its vicinity (Map and fault
information:[8], earthquake epicenter and magnitude information:Table 1, Seismic zones:

[4]).
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3. MATERIAL

In this study, earthquakes with magnitude (mw) 4.0 and greater were used in historical and
instrumental periods. Earthquakes with a magnitude less than 4.0 are rarely damaged in
structures and structures are not damaged in general.

As the greatest moment, the magnitude of the largest earthquake occurred for each sub-seismic
zone was taken. Leading and aftershocks are not counted. In the determination of leading and

aftershocks earthquake strikes, it has been tried to take into consideration the criteria given in
Table 1 [9].

The magnitudes of the earthquakes (different from the magnitude of the moment magnitude)
are calculated using the relations proposed in Table 2 for Western Anatolia Region and
proposed by Karakostas et al. (2013) [10].

Table 1. Distance and time intervals used to differentiate leading and aftershocks [9].

Magnitude Distance (km) Time (day)

4.5 355 42

5.0 44.5 83

5.5 52.5 155
6.0 63.0 290
6.5 79.4 510
7.0 100.0 790
7.5 125.9 1326
8.0 151.4 2471
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Table 2. Relationships considered for magnitude conversion [10].

Relationship b (*) a(®) R?

myw=a+tbms | 0.61+£0.003 | 2.52+0.042 0.95

mw=a+bmy | 0.98+0.006 | 0.38+0.128 0.90

mw=at+bm; | 0.93+0.003 | 0.39+0.070 0.94

mw=a+bmgq 1.1840.010 | -0.434+0.182 0.91

The magnitude estimation of historical earthquakes with no knowledge of magnitude and only
with the knowledge of violence was made using Equation 1 [11].

Mw=3.404+0.3551o (1)
In the study, the seismic zone boundaries proposed by Sayil and Osmansahin (2008) were
linearized in terms of ease of calculation of distance histograms (Figure 2).
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Figure 2. Seismic zones and earthquakes taken into account in seismic risk analysis. (Map
and fault information: [8].

Number of non-addition and addition of earthquakes of different magnitudes used in the
developed s relations to determine the earthquake risk is given in Table 3.

Table 3. Information on the earthquake data used in eartquake risk analysis

Mw 1 2 3 4 5 6
4.0-4.4 39 52 148 118 29 105
4.5-4.9 30 30 47 103 18 69
5.0-54 19 17 35 83 11 46
5.5-5.9 8 8 8 39 6 20
6.0-6.4 6 5 5 20 4 10
6.5-6.9 5 2 1 8 5
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7.0-74 2 0 1 4 0 2
7.5-7.9 0 0 0 0 0 0
Tg (year) 170 112 111 376 153 169
Observation | 1845- 1903- | 1904- | 1639- | 1862- | 1846-

periods 2015 2015 2015 | 2015 | 2015 | 2015

4. METHOD

The magnitude and frequency relationships of the earthquakes are established in the past and
are based on observed earthquakes. Today, one of the widely used methods are Gutenberg and
Richter (1954) [12] is proposed by which the general form of Equation 2 given earthquake
magnitude-frequency relationship.

logN(m)=a—bm (2)

The term N (m), which represents the total frequency in the equation, is the total number of
earthquakes with m and greater magnitude. The parameters a and b in equation 2 are the
magnitude a frequency relationship coefficients. The coefficient a is dependent on the
observation period, the seismic activity of the region and the width of the region. It defines the
annual average seismic activity index.The coefficient b is related with the physics of earthquake
formation. The coefficients a and b given in Equation 2 are usually calculated by the least
squares method [13]. Sayil and Osmangahin (2008) proposed Equation 3 for the relationship
between n (m) and m.

n(m) =10: I 3)

The probability of occurrence of an earthquake in magnitude M within the year T and the period
of recurrence D (m) in the magnitude of the observation period Tg year can be calculated by
Equation 4 and Equation 5 proposed by Tabban and Gengoglu (1975) [14].

P(m) = 1 —¢ ™1 4)
1
D(m) = A(m) )

The effects of the points at the same distance from the examination area indicated by point A
in Figure 4 will be similar with the other conditions being the same, but the effect of thepoints

at different distance ry, r2, .., ri will also be different. Source-field distance histograms are
obtained by proportioning and normalizing the total area of the small areas at the same distance
to the examination area to the entire source field area (Figure 3).

(A) Seismic risk assessment site

Distance
Histogram

[

P[R=r]

>t (km)

(A) Seismic risk assessment site

Figure 3. Source-Distance Histogram
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In this study, the seismic zone zones which can affect the city center of Manisa include 37.36
°North-40.00° North latitudes and 26.00 ° east - 30.54 East longitude bounded area is divided
into 16000 small areas with 400 grid. Then, for the distances between Okm and 100km to Manisa
city center, normalized histograms were obtained by calculating the source-field distance
probability distributions of each seismic source with the source-field distance (Eq.6).

1 k
PR =1] = A—Z Q. (6)
n _,l:=1

5. ACCOUNT AND ANALYSIS RESULTS

In the study, the correlation coefficients a and b calculated for Equation 2 for the seismic zones
(Figure 2) which can affect Manisa city center by applying the least squares method. The
magnitudes of the earthquakes considered in the calculation of the a and b coefficients are given
in Table 3 above with the addition of earthquake numbers and observation periods. The
coefficients a and b were calculated for the seismic regions near Manisa city center (Table 4).

Table 4. Observations period for seismic zones (Tg), maximum magnitude values (Mmax),
total number of eartquakes used for determination of realtionship coefficients and
relationship coefficients (a and b).

“Jone. | Mems | ofcartquake | Herron) | b(erron)
1 72 39 3.5550.17 | 0.45£0.03
2 6.9 52 3.9650.17 | 0.53£0.03
3 71 148 495041 | 0.68£0.07
1 72 118 4835036 | 0.5940.06
5 6.9 29 3.3620.13 | 0.4520.02
6 72 105 4655016 | 0.60.03

5.1. Seismik Hazard Curves For Manisa City Center

Seismic hazard curves for Manisa city due to six seismic zones which are described in Figure
2 are plotted in Figure 4. According to the results given Figure 2, Seismic zone — 4 has the
highest risk for the Manisa city center aspect generating peak horizontal acceleration. On the
other hand, seismic zone -3 has the smallest seismic hazard to Manisa city center. In Figure 5
shows the seismic hazard curve due to combination of all seismic zones.
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6. CONCLUSION AND DISCUSSIONS

In this study, the seismic risk assessment of the regions that might pose a risk for Manisa city
center was conducted. As a result of the analyzes, magnitude - frequency relations, seismic risk
values and recurrence periods of the seismic regions in the close distance which could pose a
risk for Manisa city center were determined. The magnitude - frequency relationships were
determined separately for seismic zones by using different earthquake data (mw>4). The seismic
risk assessment of each seismic zone was calculated for earthquakes with 10-year increments,
100-year period and moment magnitude (mw) of 5.0, 5.5, 6.0, 6.5, 7.0, 7.5. In the risk
assessments of the regions and in the calculation of the recurrence periods, the own a and b
values of each seismic zone were used.

According to the results given, Seismic zone — 4 has the highest risk for the Manisa citycenter
aspect generating peak horizontal acceleration. On the other hand, seismic zone -3 has the
smallest seismic hazard to Manisa city center.

In this study, micro zoning was not performed to Manisa city center. It is aimed to establish
attenuation relationships for the Manisa city in general form. More detailed attenuation
relationships according to local soil properties and detailed seismic hazard mapping for the
Manisa city center is planned as a continuation of this study. Literature knowledge related to
the Manisa and its neighborhood was selected to connect the different magnitudes and
determination of the seismic zones. Although the relations used in the literature have slight
differences, relationships which are commonly accepted in the literature have been tried to be
selected in order to determine the earthquake risk of Manisa city.
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ABSTRACT

Located in the western group of the Azores Archipelago, Flores island is a prone zone to slow
moving landslides due to its geological, hydrological and morphological context. Over the last
20 years, more attention has been given to this problem. On the other hand, it has been possible
to verify that the activity of this phenomenon intensifies when there are periods of long and/or
intense precipitation. The present work is developed in two distinct parishes on the Flores
Island: Lajedo and Fajazinha, both located in the southwest of this island. This paper presents
the monitoring networks (eg., vibrating wire and Casagrande piezometers, inclinometers,
rainfall station and robotic total station) installed in some of the geomorphological instability
situations, and the results obtained up to December of 2018. The main goal of the
implementation of these monitoring networks is to set an alert and alarm criteria, based on the
evolution of the rainfall and the oscillation of the water level in the potential failure surfaces.
The work carried out in the Lajedo parish is co-financed by the Azores 2020. Operation
ACORES - 01 - 0145 - FEDER - 000055 - DECISIONLARM.

Keywords: Monitoring, Landslides, Risk Management.

1. INTRODUCTION

Despite the geodynamic setting of Azores archipelago [9] [10], rainfall is assumed to be the
main triggering factor causing landslides in Azores Archipelago [1], [8]. Whenever the rainfall
intensity promotes the reduction of shear strength due to the decrease in apparent cohesion of
the soil, or due to the increase of positive pore water pressure in the potential surface failure

[2], [5].
In order to better plan and organize the territory, the relationships between water level and

displacement velocities exhibited by landslides have been the object of studies, in particular
those that present translational and rotational typologies [5].

The monitoring of potentially unstable slopes usually is carried out using various monitoring
techniques in order to assess the pressure head, the displacement velocities, the failure depth
and types of mechanisms, essential factors for the minimization of geomorphological risk.
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With the records obtained from the monitoring, it is possible to predict accelerations and
medium-term behavior of geomorphological instabilities, which enables the development of
early warning systems, essential for risk management.

These warning and alarm systems are low-cost alternatives for reducing the environmental and
economic risk when stabilization measures are not economically viable and/or the rehousing of
people entails serious social problems. However, it is necessary to take into account that the
prediction of this type of phenomenas exhibits some difficulties, since the deformations that
appear within the unstable mass can affect the hydrological and mechanical properties of the
materials [11].

In this context, the present work is limited to the study of two situations of geomorphological
instability of a slow to very slow kinematic behavior, with a deep failure surface, which develop
on the Flores Island (Azores Archipelago). These situations of instability put at risk the urban
centers of the Lajedo and Fajazinha parish.

This work consisted in the implementation of a hydrological and geotechnical monitoring
system in the Lajedo parish, using inclinometers, tiltmeters and vibrating wire piezometers and
Casagrande piezometers and a rainfall station, and a topographic network in the Fajdzinha
parish. It should be noted that it is planned to complement both networks already implemented,
with the introduction of a topographic monitoring network in the case of Lajedo and a
hydrological and geotechnical network in Fajazinha.

2. STUDY CASE

Flores Island is located in the western group of the Azores archipelago. Geometrically it
presents an elliptical form with a 16.5 km of length and 12.2 km of width, making an area in
the order of 143 km?. The study sites are located in the parish of Lajedo and Fajazinha, in Lajes
das Flores municipality (Figure 1).
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Figure 1. Flores Island: Lajedo parish location (red) and Fajazinha parish (yellow).

From the geological point of view, the Flores island includes a sequence of highly diversified
volcanic products, from Base Complex deposits (lava flows, highly altered tufts) and Upper
Complex deposits (lava flows and basaltic pyroclasts) to detrital products resulting from fluvial
and geomorphological activity [4].

In Flores Island, particularly in the central zone, a microclimate is developed which includes a
rainfall pattern that exceeds the amount of 2000 mm/year, as well as a frequent thick layer of
clouds and fog that increase the hidden rainfall and decrease the evapotranspiration [4].
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Given the high quantitative of annual rainfall recorded in this island, conditions are created for
the recharge of the underground aquifers and also the maintenance of a high water level in the
ground surface throughout the year. When the water level reachs a threshold in favorable
geological and morphological settings contribute to the landslide activity [6] [7].

2.1. Lajedo

In December of 2010, after a rainy winter, several geomorphological instability situations
occurred in the south-west zone of Flores Island, affecting particularly terrains localized in
Lajedo parish. Figure 2, on the left, presents the mapping of the three principal landslides
observed in Lajedo and the monitoring zones implemented. To the right, we present some
evidence of rupture identified in the site # L2.
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Figure 2. On the left, landslides inventory observed in Lajedo and the monitoring zones
implemented. On the right, evidence of rupture, in 2010, site #L2.

The most conditioning geomorphological instability, until now, and the one under analysis in
this work corresponds to site #L.2 (Figure 2). The #L2 corresponds to a complex movement, of
the type of deep-seated earthflow, resulting from the occurrence of a slow deep translational
landslide, with flow evolution. The topography surface presents a gradient of 18°. Punctually,
gradient variations occurs, coincident with minor scarps of the dislocated mass.

2.2. Fajazinha

Fajazinha parish is located on a large coluvionar platform, with slopes ranging from 7 to 20°,
and is bordered by imposing escarpments, with sub-vertical slopes, sometimes with heights
exceeding 200 m. Several geomorphological indicators of slope movement are identified in the
area, such as the presence of concave and convex forms, secondary scars, hummocks, among
others.

As a result of the kinematic activity evidenced in the hydrological year of 2012-2013, several
indicators of recent geomorphological activity were identified, expressed in the roads and
buildings (e.g., ground cracks, echelon cracks, diagonal and longitudinal cracks in masonry
walls - Figure 3 on the left).

The geomorphological process corresponds to a complex slope movement, of slide-earthflow
type, with a deep failure surface. The foot zone of the geomorphological instability corresponds
to the sea cliff, where it is possible to observe the geological nature of the material and the
presence of several springs.
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61250

Figure 3. On the left, pathologies verified in housing and streets. On the right, delimitation of
the unstable mass of the Fajazinha and spatial location of the topographic network.

3. MONITORING NETWORK AND RESULTS
3.1. Lajedo

The first phase of the work carried out in the Lajedo parish consisted of the implementation of
the hydrological and geotechnical monitoring network, in the different situations of
geomorphological instability verified after the occurrence of 2010. At the site # L2,
inclinometer casings (3), Casagrande piezometers (2), vibrating wire piezometer (2) and rainfall
stations were installed.

The data acquisition was performed continuously (vibrating wire piezometers and rainfall
station) and with punctual measurements (Casagrande piezometers and inclinometers). Regard
to continuous measurements, these equipments was connected to a data acquisition unity
(datalogger of type CR 800).

Furthermore, this device was linked to a data transmission system of GSM type, realized from
LREC — Azores, with a daily cadence. The electrical supply was supported by a 12 volts battery,
recharged by solar panels. Concerning to punctual measurements, these were made by the local
services of Environment of Flores Island and were executed with an interval of 10 days.

Figure 4 shows the water level fluctuation obtained from the pressure registered by one
vibrating wire piezometer installed in #L2 and the accumulated daily rainfall. Between
November 2016 and last measurement (March 2019), the water level was near the ground
surface, with a fluctuation between 1.0 and 1.6 m.

From this figure, it is possible to conclude that an instantaneous response from the water level
to an intense or continuous rainfall period exist. This suggests that materials in this place
presents a high to moderated permeability or there are cracks in the soils that allow a quick
recharge of water level on the subsoil.
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Figure 4. Water table variation in P2p1 and daily rainfall from november 2016 to march 2019.

Figure 5 on the left, shows the more relevant observations performed in P2i inclinometer, during
the monitoring period. The results obtained until now show two actives zones in deep, with
different displacement rates.

The more superficial zone is situated at approximately 4.5 m. This occurs in the interface
between the slope deposit and the weathered lava flow with grey color layer. The second active
zone is located at 10.5 m in the transition of a white clay to a basaltic rock, where is located the
base of the inclinometer.

The maximum displacement was detected in slope deposit with a quantitative of 13.8 mm, with
a mean velocity of 5.7 mm/year. According to Cruden and Varnes (1996) classification, this
velocity value indicates an extremely slow movement.
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Figure 5. On the left, manual inclinometer readings on P2i inclinometer (November 2016 to
March 201). On the right, relationship between displacement velocity and accumulated daily
rainfall of the P2i.

Figure 5 on the right, presents a projection of the velocity of the movement and the accumulated
daily rainfall. From this figure, it is possible to verify that the test site #L2 consists of an
instability with reactivation periods in rainy months (October to May), and deceleration periods
in dry months (June to September).

This aspect can also be seen in Figure 5, on the left, where a continuous displacement exists
during wet months (e.g. 13-11-2017, 29-01-2018, 28-01-2019, 28-02-2019) in response to
rainfall events, ceasing the displacement in dry periods.
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3.2. Fajazinha

In the landslide that affects part of the urban center of Fajazinha parish, the evaluation of surface
deformation of the terrain is carried out with a total station Leica TM50 of 0.5" (0.15 mgon)
with angular precision. Distance measurement in precise measuring mode is extremely accurate
and has a precision of 0.6 mm + 1 ppm for circular prisms. The equipment used incorporates
ATR (Automatic Target Recognition) technology for long reach, which allows the
measurement to prisms up to 3000 m, being prepared to work continuously in intense sunlight
conditions or total darkness conditions.

Landslide monitoring using total station is generally performed by using three components: (1)
a reference network materialized with prisms fixed in a stable position that can be observed
from the instrument, (2) one or more stations established on stable ground at locations from
which the landslide surface is visible, (3) a group of monitoring prisms at the likely unstable
slope zone or area of interest. In this sense, the current monitoring network consists of 2 base
stations (PE1 and PE2), 30 control points (C1 to C30) and 4 reference points (PR1, PR2, C15,
and C16). All object and reference points are equipped with Leica GPR112 prisms, except PR1
reference point which is equipped with a GMP104 prism. Figure 6 shows the identification and
spatial distribution of the monitoring points.

The periodicity of data acquisition is approximately 15 days, and these are assured by the
Environmental Services of Flores Islands. In each data acquisition campaign, a minimum of 7
different scans (turns) are made for each observation mark. The atmospheric parameters
(pressure, temperature and humidity) were included in the instrument to correct the atmospheric
refraction. Taking into account the tolerance of the distances (calculated from the constant part
of the accuracy of the equipment (0.6 mm) and from the variable part of the accuracy based on
the measured distance (1 ppm)) and the associated error in each measurement, that for 95%
confidence interval the maximum obtained was 2 mm, the use of = 5 mm tolerance was
considered for this variable, admitting system changes whenever this value is exceeded.

The geodetic monitoring network was installed in November 2017. The distances between the
base station and the observation points vary between 48 to 1137 m.The data presented in this
document cover the period between January 2018 and February 2019. During this period, 27
data acquisition campaigns were carried out. Figure 6 shows the variation of the displacements
related to the slope distance of some representative benchmarks. In order to understand the
movements in planimetry, the absolute deformation vectors obtained, in the campaigns of 25-
02-2019 (in purple) and of 22-01-2019 (in black) are projected in the same figure.

It is possible to see that the marks that are outside the unstable zone (PR1, C6, C15 and C16)
do not present significant variation for the whole time series, being this variation associated
with seasonal and daily fluctuations, caused by atmospheric variations and tidal effects. In
contrast, the other points showed a behavior within tolerance variation, with slight oscillations
until December 2018, with a significant increase or decrease in displacement values, suggesting
a reactivation of the monitored system due to the precipitation quantitative.

In Figure 6, on the left, daily and accumulated rainfall obtained in the meteorological station of
Terreiros, located in the area near the parish, is presented. It is possible to see that the months
of December 2018, and January and February 2019 were particularly rainy. In the hydrological
year of 2017/2018 the accumulated annual precipitation was around 1150 mm. In the
hydrological year of 2018/2019, between December 2018 and February 2019, it already rained
more than half (620 mm) than in the previous hydrological year, which is why the landslide that
affects Fajazinha has been active. Between December 2018 and February 2019, in 3 different
days was registered rainfall values between 50 and 75 mm.
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Figure 6. (on the left) slope distance variation for some points and daily and accumulated
precipitation. (on the right) geometry of the monitoring network, with the identification of the
observation marks and projection of the planimetric displacement vectors obtained on 01-22-
2019 (black) and 27-02-2019 (purple).

The maximum displacement observed in the monitoring period showed values of about -57
mm, 16 mm and - 27 mm for the components E, N and Z, respectively. The orientation of the
planimetric displacement is compatible with the preferential direction of the movement of the
terrain, essentially towards west. The displacement data define an evolution history from the
beginning of 2018, as an average annual planimetric velocity of 0.08 m/year. Indicators of
movement in relation to references outside the unstable mass in a period of 40 years, obtained
by reports of ancient people, allowed to estimate that the unstable terrain presents rates of
annual movements in the order of 0.1 m/year, compatible with the registered ones during the
monitoring period.

4. CONCLUSIONS

In places prone to the occurrence of geomorphological instability processes, usually are used
mitigation measures in order to prevent/attenuate geomorphological hazards. However, in some
situations, such as those presented in this paper, the typology and the dimension of the
phenomena, the execution of engineering techniques are not feasible, given the high financial
cost and/or high environmental impact. Therefore, it is important to use monitoring techniques
that allow the monitoring and evaluation of the state of instability situations, as well as the
definition of thresholds to originate new reactivations, which are the basis for the development
of alarm and alarm systems.With the continuous results of the geotechnical and hydrological
monitoring obtained in the Lajedo parish until now, it is possible to identify a practically
instantaneous response of the water level with the precipitation, as well as the existence of a
relation between movements occurred and the moments of intense precipitation in the place. In
this way, it is possible to conclude that, regarding to its state of activity, the landslide process
shows an active and intermittent behavior. Furthermore, this paper presented the initial phase
of the monitoring network designed for the landslide phenomenon that affects the Fajazinha,
obtaining a vision of the kinematic behavior that occurs, in response to precipitation. The
periods of reactivation of the system correspond to moments where rainfall exceeded 50
mm/day, indicating preliminarily a precipitation threshold responsible for the reactivation of
the system. The monitoring system designed for Fajazinha and Lajedo parish is a pilot project
for multidisciplinary monitoring. With this type of tool, it is expected to develop a system that
allows the decision-making for alert and alarm, based on dynamic models of stability, through
the study of the oscillations of the water level in the potential rupture planes and the
deformations of the soil.
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ABSTRACT

Pore fluid composition strongly influences the mechanical behavior of clays, modifying both
the volumetric and the shear response of the material. Accounting for this aspect is crucial for
engineering applications where changes of the chemical composition of the pore fluid are
anticipated, such as engineered barriers for the containment of pollutants.

In this work, a chemo-mechanical model capable of reproducing the response of medium to low
activity clays under both mechanical and chemical loading paths is presented. The model is
developed in the framework of the theory of elasto-plasticity with generalized hardening:
chemo-mechanical coupling is introduced both in terms of stress variables and hardening laws.
The general formulation is specialized to the case of medium to low activity clays subjected to
variations of the saline concentration of the pore fluid, introducing osmotic suction as a
chemical stress variable. The model has then been implemented in a constitutive driver for the
integration at the REV level of the incremental constitutive equations. The model is finally
tested against literature data.

Keywords: Clay, Osmotic Suction, Elasto-Plasticity, Generalized Hardening.

1. INTRODUCTION

The knowledge of the behavior of clayey soils subject to changes in pore fluid chemical
composition is now becoming significant in the practice of civil, energy and environmental
engineering. In the framework of elasto-plasticity with generalized hardening [1], a chemo-
mechanical model for medium to low activity clays is presented. The static variables are the
effective stress tensor ¢’ and the osmotic suction 7, which depends on the chemical
concentration of the pore fluid.

2. CHEMO-MECHANICAL MODEL

Under the small strain assumption, the total strain increment € is decomposed into an elastic
part, £€¢ and a plastic part, €P. The elastic strain increment is in turn expressed as a sum of two
contributions, the one induced by mechanical loading and the one induced by variations of the
chemical concentration of the pore fluid. In axi-symmetric conditions, the volumetric and
deviatoric strain increments are thus evaluated as:

1.

KDl Kg T
BGq

%p’ Vo T+Datm’
where k is the mechanical elastic compressibility, v, is the initial specific volume, k, is the
chemical compressibility, G is the shear modulus. Null deviatoric chemical strains are assumed.

e e _
gvol,mec + gvol,ch -

e
gdev,mec -
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The yield surface stems from the modified Cam clay model, by introducing the dependence of
the internal variable p,. (i.e. the pre-consolidation pressure) on the osmotic suction:

2 _ B
f(@,p,pe) = 5+ p(D = pc), With p. = peX(1) = py Il ~ YrIn (1 + nfef) l

where M is the slope of the critical state line in p-q plane and p, is the pre-consolidation pressure

at null osmotic suction. The function X, describing the evolution of p. with osmotic suction, is

set to depend on two material parameters, y,; and 8. The hardening law reads &?* = Aoxdo

vol,mec Vo p(','

where 2 is the elastic-plastic compressibility. Associativity of the flow rule is finally assumed.

3. MODEL VALIDATION ON EXPERIMENTAL DATA

After calibrating the model parameters (k , A,G ,M , k; , ¥ , ), the model can be used to
simulate the behaviour of medium to low activity clays subject to both mechanical and
salinization/desalinization paths. As it is shown in Figure 1, the model is capable of reproducing
the response of a compacted illitic clay, whose experimental results have been presented in [2],
without any dependence of model parameters on the saline concentration of the pore fluid.
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Figure 1. Simulation of two experimental tests presented in [2]

4. CONCLUSION

A simple framework for reproducing the chemo-mechanical response of medium to low activity
clays subject to changes in pore fluid chemical composition has been presented. The
constitutive model has been validated with experimental data reported in the literature. A
limited number of parameters is sufficient to model the chemo-mechanical response of these
materials, due to the limited effect of chemical solicitations on material microstructure. When
coping with active clays, e.g. bentonites, double-porosity formulations would be more suitable.
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ABSTRACT

Rock-socketed piles have been extensively employed to receive and transmit large concentrated
loads to deeper stronger materials. Although the load transfer mechanism combines base and
side resistances, the contribution of side shear resistance is often crucial, as it is usually
mobilized at much lower strains (or pile settlements) than base resistance. The side shear
resistance of rock-socketed piles has usually been estimated using recommendations from codes
and standards, or using local knowledge obtained from full-scale static load tests performed in
similar ground. There are also empirical formulations as a function of the uniaxial compressive
strength of the intact rock. However, this approach neglects the influence of other important
aspects such as the effect of roughness at the rock-pile interface, and this factor is not always
being considered in current design practices. The aim of this work is to examine the socket
roughness effect on side shear resistance of rock-socketed piles. To do that, DEM?° numerical
models of direct shear tests, and DEMZP numerical models of rock-socketed piles with different
degrees of socket roughness are employed. Numerical results suggest that socket roughness is
an important factor that significantly increases the load capacity and stiffness of rock-socketed
piles.

Keywords: Rock-socketed Piles, Side Shear Resistance, Socket Roughness, DEM.

1. INTRODUCTION

Usually, the design of axially loaded rock-socketed piles is based on state codes and standards
or local knowledge obtained from full-scale static load tests [1]. Depending on the geological
conditions, construction techniques, etc., the design is done considering the side shear resistance
only, the base resistance only, or the combination of both components [2]; however, it is
generally accepted that the side shear resistance is fully mobilized at lower strains (pile
settlement of 1% pile diameter) than the base resistance [3,4].

The side shear resistance of rock-socketed piles is frequently estimated as percentage of the
uniaxial compressive strength (UCS) of the weaker material (rock or pile) [5], but this empirical
formulation neglects the influence of other important aspects affecting the side shear resistance
behaviour like the roughness at the rock-pile interface [1,6]. The aim of this work is to examine
the socket roughness effect on side shear resistance behaviour of rock-socketed piles through
numerical models employing Distinct Element Method (DEM) implementation with PFC?P&3D,
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2. NUMERICAL SIMULATION
2.1. DEM Approach with PFC

Particle Flow Code (PFC) is a DEM based package [7] used in this work, in which the materials
(e.g., rock or concrete) are simulated as a Bonded-Particle Model (BPM) composed of rigid
finite-sized particles —circular (PFC?P) or spherical (PFC3P)—. The particles interactions are
created or destroyed depending on the proximity between them. The system evolution is
computed using DEM approach, in which Newton’s second law is employed to determine the
motion of each particle and the force-displacement law is used to update the forces at each
particle-particle contact [7].

2.2. Small-Scale Numerical Models

In this section, the effect of roughness at the rock-concrete interface has been analyzed using
DEM?P models to simulate direct shear tests of rock-concrete interfaces under Constant Normal
Load (CNL) and Constant Normal Stiffness (CNS) boundary conditions (see Figure 1). To do
that, the micromechanical parameters that reproduce the macromechanical behaviour of each
materials —i.e., sandstone and concrete— and the interaction between them —i.e., sandstone-
concrete interaction— should be calibrated first. During the calibration procedure, experimental
results conducted and presented in [8] corresponding to (i) uniaxial compression strength tests
(UCSs) on sandstone and concrete samples, and (ii) direct shear tests (DSTs) on sandstone-
concrete planar joints, are employed as a benchmark. The sandstone and concrete samples were
simulated with the Flat-Joint Contact Model (FICM) [9], while the sandstone-concrete
interaction was modeled with the Smooth-Joint Contact Model (SJCM) [10]. The methodology
of the calibration procedure has been explained with details in [11,12].

The micromechanical properties employed during the calibration procedure of intact DEM?P
samples and the comparison of the macromechanical properties resulting from DEM?P and
experimental UCTs are summarized in Table 1. As it can be noted, the macromechanical
properties obtained from DEM?ZP are similar to those calculated from laboratory tests.

Constant Normal

Constant Normal Stiffness (CNS)
Load (CNL) A
¥ ;i ;' -." :* ¥
v (rnfs). Concrete VK» (ig) V= (ia) » Concrete V’i ()
. Rock 1 Rock !
L i) L -I ‘:' A Fy [ i I
(a) (b)

Figure 1. Idealized sketch of direct shear test: (a) CNL boundary conditions, (b) CNS
boundary conditions (modified from [11])

An illustration of (i) a DEM?P specimen, (ii) the displacement vectors and (iii) the axial stress
versus axial strain curve with the corresponding cracks propagations are shown in Figure 2. It
can be observed that a few cracks (tension and shear) have been developed at pre-peak stage.
As the loading increases, the cracks continue to appear until o, is reached, and such cracks
increasing rapidly at post-peak stage.
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Table 1. (a) Micromechanical properties fitted from UCSs employed in the calibration of
intact DEM?P samples, (b) comparison of macromechanical properties between DEM?P and
experimental UCSs (experimental data from [8])

(a) Micromechanical properties of FICM S2-sandstone S3-sandstone Concrete
Effective modulus, E*, E* (GPa) 1.70 1.90 27
Normal-to-shear stiffness ratio, k*, k* 1.35 1.45 2.75
Friction angle, @ (°) 32 35 30
Ball density, p(kg/m?) 2500 2550 2500
Minimum radius, R, (mm) 1 1 0.8
Rmax/Rmin 14 1.4 1.5
Cohesion, ¢ (MPa) 4.85 7.90 13.55
Tensile strength, o, (MPa) 2.8 3.5 6.0
(b) Macromechanical properties Experimental DEM?® | Experimental DEM?® | Experimental DEM?°
UCS (MPa) 11.49 11.59 21.77 21.65 40 39.87
Young's Modulus, E (GPa) 1.98 2.01 3.25 2.32 29.95 30.08
Poisson's ratio, v 0.10 0.10 0.10 0.11 0.20 0.20
J— 12 750
—Adal Stress
— Shear Cracks
10 4+ —Tension Cracks 600
Failure ci; "509
Plane =6 &
115.1 mm ‘ 7 a00 &
&+ E
1, =
a ~+———3 0
0o 02 04 0.6 0.8
Axial Strain (%)
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Figure 2. DEM?P sample: (a) S2-sandstone before the beginning of the UCS test, (b) failure
plane and displacement vectors at the end of the UCS test, (c) axial stress, number of cracks
(shear and tension) vs axial strain during the UCS test

On the other hand, the SJCM micromechanical properties calibrated to represent the sandstone-
concrete interfaces and the comparison between DEM?P models with laboratory DSTs results
conducted on unbonded planar sandstone-concrete joints, are listed in Table 2. Numerical
results are similar to those macromechanical properties obtained from laboratory tests
performed on unbonded rock-concrete planar joints.
Table 2. (a) Micromechanical properties calibrated from DEM?P DSTs conducted on
unbonded sandstone-concrete planar joints, (b) macromechanical properties of the joints
computed from DEM?P and experimental DSTs (experimental data from [8])

(a) Micromechanical properties of SICM Sandstone(S2)-concrete Sandstone(S3)-concrete
Joint normal stiffness, k,, 5; (MPa/mm) 10 10

Joint shear stiffness, k; 5; (MPa/mm) 5 2

Joint coefficient of friction, g, (tan @ (°) 0.70 0.70

(b) Macromechanical properties Experimental DEM? | Experimental DEM?®
System normal stiffness, K,,, (MPa/mm) - 9.50 - 10.30
System shear stiffness, K, (MPa/mm) 1.84 1.81 1.37 1.36
Friction angle, tan @ (°) 35.37 34.99 34.96 34.99

A DEM?P sandstone-concrete joint specimen is presented in Figure 3(a) (grey and yellow balls
represent concrete and sandstone materials, respectively; black and red lines represent the
network of FJICM and SJICM, respectively). The shear stress (t) versus shear displacement (6;)
curves under different normal stress (o,,) are presented in Figure 3(b). As it can be observed,
DEM?P models captured very well the laboratory behaviour.
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2.3. Large-Scale Numerical Models

Next, the socket roughness effect on the side shear resistance of rock-socketed piles is
examined. To do that, DEM3P numerical models of rock-socketed piles with different degrees
of socket roughness are employed (see Figure 4).

wall head pile \yall head rock
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Pile |Rock Pile (Rock
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Figure 4. (a) idealized sub-surface profile (the red dotted line represents the zone modelled),
(b) DEM?P rock-socketed pile model, (c) roughness profiles used at the pile-rock interface
(RF is the roughness factor define in [14])
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Considering that the computational cost is an important factor of numerical simulations, in
particular of DEM models, (i) a section of a pile of 45-degree angle, instead of the whole
diameter, is considered, (ii) the rock body was discretized in three zones, increasing the particle
size from the pile-rock interface to the boundary wall of model, and (iii) pressure loads to
simulate the overlying soil stratum and the corresponding self-weight of the pile embedded in
the soil, were applied on the wall head rock and on the wall head pile, respectively (see Figure
4). Thus, the computational time is reduced. The nominal socket radius (R) and the nominal
socket length (L) are, 0.4 m and 0.8 m, respectively. The base was made void because only the
pile shaft behaviour is analyzed in this work. The rock (S2-sandstone) and the pile (concrete)
were simulated using the FICM, while the SJCM was applied at rock-pile interface. The
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micromechanical parameters used in the FJICM and SICM were those previously calibrated in
Section 2.2 (see Table 1 and Table 2). Additional details about the set-up of rock-socketed piles
DEM?®P models are available in [13].

3. RESULTS
3.1 Small-Scale Numerical Models

The effect of roughness at sandstone-concrete interfaces was investigated through three (3)
DEM?P direct shear tests conducted on unbonded symmetric saw-tooth joints (with different
base angle, a) under CNL conditions (a,, = 400 kPa) with the corresponding micromechanical
parameters calibrated in Section 2.1. DEM?P results and the comparison with experimental tests
presented in [8] are shown in Figure 5. As it can be noticed, the shear stress increases as the
roughness at the sandstone-concrete joint increases. DEM?P results agree well with the
laboratory behaviour, in which the peak shear strength and peak shear displacement computed
with DEM?® models are very close to those obtained in laboratory summarized in [8]. In
addition, Figure 5 shows that a small number of bond breakages —i.e., cracks— take place before
reaching the peak shear strength; later, the number of cracks (shear and tensile) increases
rapidly, which suggests that there is more degradation of asperities in those models with greater
a —i.e., at rougher interfaces—.
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Figure 5. (a) geometry of the DEM?P DSTs with saw-tooth triangular joints with different
base angle: (b) comparison of DEM?P and experimental DSTs conducted on unbonded
sandstone(S3)-concrete joints under CNL boundary conditions (g,, = 400 kPa)

(experimental data from [8])

Figure 6(a) compares numerical and experimental results of DSTs conducted on unbonded
sandstone(S2,S3)-concrete saw-tooth triangular joints with o = 20° and CNS boundary
conditions (g,, = 400 kPa, K = 800 kPa/mm). As it can be observed, DEM?P results agree
well with the laboratory behaviour, as well as the CNS boundary conditions increases the shear
stress on unbonded roughness joints. Note, that the peak shear stress obtained on sandstone(S3)-
concrete unbonded joints with a = 20° under CNS boundary conditions is higher than the peak
shear stress obtained on the same sandstone(S3)-concrete specimen under CNL boundary
conditions (see Figure 5(b) and Figure 6(a)). In addition, Figure 6(a) presents that the shear
stress depends also on the strength of the materials —e.g., the peak shear stress obtained on
sandstone(S3)-concrete joint is higher than that computed on sandstone(S2)-concrete—. Finally,
the propagations of the number of bond breakages is presented in Figure 6(b); as it can be seen,
the number of tension cracks increases faster than shear cracks after the peak shear stress is
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reached; later, the number of shear cracks in concrete remains almost constant and the number
of shear cracks in S3-sandstone increases slowly compared to the increase of tension cracks of
both materials. This results may be due to the concrete is stronger than the S3-sandstone.
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Figure 6. DSTs conducted on unbonded sandstone(S2,S3)-concrete saw-tooth triangular
joints with &« = 20° and CNS boundary conditions (g,, = 400 kPa, K = 800 kPa/mm): (a)

comparison of DEM?P and experimental results, (b) propagations of bond breakages
(experimental data from [8])

3.2 Large-Scale Numerical Models

Four (4) DEM?P rock-socketed piles testing were conducted to analyze the socket roughness
effect on side shear resistance behaviour. All DEM3P models were loading until a limit socket
head settlement (&) of 10% of the socket diameter (0.1D) is reached (see Figure 7).
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Figure 7. DEM®P results: (a) average side shear resistance (f,,,) and number of cracks
versus socket head settlement (&) for DEM3P simulations of four piles socketed in S2-

sandstone (with different roughness profile), (b) cracks propagation for model with RF =
0.010 and RF = 0.050 (blue and red colors represent bond breakages in shear and in

tension, respectively)
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As it can be seen from Figure 7, the average side shear resistance (f,,,.) increases gradually in
the same way that the roughness factor at the rock-pile interface is greater —e.g. f,,. 0f model
with RF = 0.050 is about 5 times greater than that computed for model with RF = 0.010 for
a socket head settlement of 0.05D, see Figure 7—. This result may be because the rock-pile
interface with higher RF is unable to deform sufficiently, thus more dilation and normal
stiffness occurs during the loading tests (see Section 3.1). In addition, Figure 7(a)-(b) shows
that the number of bond breakages in piles socketed into sandstone-S2 is very small before
reaching a socket head settlement of 0.01D (i.e., 0.8 cm). After such threshold, the number of
cracks (shear and tension) increases, as the socket roughness increases. This behaviour is
congrous with that presented in Section 3.1, as well as with previous works by [11,12],
suggesting that models with lower socket roughness fail through sliding along the rock-concrete
interface, whereas the degradation of asperities and significant bond breakages becomes more
relevant at the rock-pile interface with higher RF values. (Note also that the number of bond
breakages are greater in S2-sandstone than in pile; this might be as the concrete pile is much
stronger than S2-sandstone). According to Figure 7, widely accepted established criterion of
the 0.01D displacement is an appropriate one in design practices considering that the numerical
model presents excessive damage of rock-concrete interface of rock socket piles.

4. CONCLUSIONS

In conclusion, the research findings of this work shows that the degree of roughness is a crucial
factor affecting the shear stress behaviour of unbonded rock-concrete interfaces and should be
incorporated in current design practice of rock-socketed piles. This paper demonstrates that
DEM?P&3D simulation scheme with their micromechanical parameters calibrated against
experimental tests, can adequately simulate the shear behaviour of unbonded rock-concrete
interfaces, in particular, (i) the shear stress behaviour of direct shear tests conducted on
unbonded planar and saw-tooth triangular joints under CNL and CNS conditions, and (ii) the
shear stress resistance of rock-socketed pile testing. Finally, the major advantage of DEM
models conducted herein is that employing just a few UCSs and DSTs to calibrate the
micromechanical parameters of DEM models there is reduction of costs and time associated to
traditional field and laboratory tests to analyze the shear stress behaviour at rock-concrete
interfaces.
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ABSTRACT

Soil nailing is a technique developed in France during the 70s for the retaining of excavations.
The stability of such structures is due to the friction through soil and nails. This friction is
often described by a relation between the lateral shear stress and the axial relative
displacement. This relation can be complex, but is generally characterized by a slope (k) and a
maximal unit skin friction (gs). Usually, gs is determined through pull-out tests and Kk is
estimated through correlations with the soil characteristics. However, the behaviour of a soil-
nailed wall appears to be strongly dependent on the slope k. Therefore, a method needed to be
found to estimate the stiffness of the soil-nail interface through pull-out tests. To achieve this,
a numerical study was carried out. A simple one-dimensional model was carried out
simulating the influence of a non-uniform grouting section. It was then compared to a finite
element model. The numerical results where eventually confronted to experiments. A testing
nail was equipped with optic fiber in order to determine the distribution of stresses along its
length during a pull-out test. The pull-out test was carried out according to the French
standards. The comparison of experimental and numerical results allowed to highlight the role
of the slope k. In order to simplify its determination, a method is proposed to derive this value
from the tension and the displacement measured at the nail head during a pull-out test.

Keywords: Soil-Nailing, Nail Mobilization, Pull-Out Tests, Interface Stiffness.

1. INTRODUCTION

Soil nailing is a technique developed in France during the 70s for the retaining of excavations.
The stability of the retaining wall is ensured through the friction along the nails. When a
displacement tends to unsettle the wall, a relative displacement appears between the nail and
the soil. This relative displacement generates stresses who tend to retain the soil.

The nails are both submitted to a lateral load and to an axial one. Generally, the axial
contribution is the bigger one. Therefore the knowledge of the friction law between nail and
soil is crucial in the design of soil-nailed walls. Pull-out tests are the favorite way to
determine it [1][2]. Common tests only allow to determine the maximal unit skin friction and
give only information on the average behaviour of the interface.

However, the total understanding of the friction law also requires the knowledge of the
interface stiffness k. As mentioned in [3], the finite element modelling of a soil-nailed wall
strongly depends on k. The monitoring of pull-out tests using optic fibers along the nail as
well as the development of a one-dimensional numerical model allowed us to develop a
method to derive the soil-nail interface stiffness.
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2. FRICTION ALONG THE NAIL

The whole friction law depends on the way the nail is installed and on the shape of the
inclusion since these parameters both influence the grains rearrangements. Therefore, it has to
be determined through pull-out tests.

In most of the cases, nails are loaded by the deconfinement of lateral earth pressure during the
following excavation. As the nails are subhorizontal, the resulting load is axial. Along the
soil-nail interface, a shear stress appears and grows with the relative displacement between
the nail and the granular skeleton.

When the stress reaches the maximal unit skin friction g, the interface fails and if g,is reached
all along the nail, it is pulled out [4]. The determination of g, through pull-out tests is straight
forward. If » is the radius of the nail, L its length and @ the failure load, we have.

When the shear stress is smaller than q,, a simple assumption considers an elastic behaviour.
The shear stress is proportionnal to the relative displacement. Let’s say t=ky. Using
experimental observations, Frank and Zhao [5] proposed a bilinear law which is represented
on figure 1a.

The coefficient k; is correlated to the pressuremeter parameters. Most recently, Abchir [6]
developed a friction law using an analytical method and assuming that the increase of friction
is proportional to the difference betweentand q, = t,..,. It is represented on the figure 1b.
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Figure 1. Friction laws developed by Frank and Zhao (a) and Abchir (b)

3. PULL-OUT TEST

Since the friction law depends on the way the nail is installed and on the shape of the
inclusion, it has to be determined through pull-out tests.

The common technique is imposing an axial load on the nail head with a hydraulic actuator
and monitoring the head displacement.

In order to reduce the flexion effects, the load has to be well aligned with the axis of the nail
and in order to minimize the edge effects, the first meter near the facing is not grouted.

The classical monitoring allows to plot the relationship between nail head load and nail head
displacement.

Theoretically, the stiffness of the soil-nail interface can be derived from the initial slope of
this graph.
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However, the set-up conditions of the pull-out test can induce significant errors. In order to
increase the precision, the monitoring has to be distributed along the nail.

Such experiments have been carried out using strain gages. Alimi [7] and Franga [8] did it on
reduced scale models and highlighted the influence of soil density on the friction law.

Today a new measurement method allows a cheaper and more integral monitoring of
developed shear stresses: the optic fibers [9].

These fibers can be equipped with punctual sensors (Bragg networks) or they can be used as a
distributed sensor (Brillouin or Raman diffusion) [10]. The biggest limitation is their huge
sensitivity to temperature.

4. NUMERICAL MODELLING

One-dimensional numerical simulations have been carried out to compare to the experimental
results of the pull-out tests.

It is based on an analytical formulation but iterations of a numerical program are needed to
take into account the non-linearities of the friction laws presented above.

The figure 2 presents the parameters used in this numerical model. Considering an elastic
behaviour of the nail, the rate of relative displacement induced by the variation of tension is
then given by:

e @

dx ~ E@)S(x)
And the static equilibrium of a small part of the nail gives:
T =1PE) (2

Wheres = zR%andP = 2nR.
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Figure 2. Parameters of the one-dimensional model

The numerical solution of this problem has been computed using Python and a Runge-Kutta
algorithm.

In this case, the boundary conditions were the nail head load and the nail tail displacement
(equal to zero).

Therefore, a shooting method was used. The figure 3 presents the results obtained for a simple
elasto-plastic law.
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Figure 3. Nail head load and displacement obtained with the numerical model for an elasto-
plastic law.

The 1D simulations were then compared to finite element modelling results. The model is 2D
and axisymmetric.

It was realized on Plaxis and an example of results can be found on the Figure 4.

Unfortunately, the results strongly depend on the boundary conditions and the confining
stress.

Given the uncertainties on the confining stress in a pull-out test, it was decided to use mainly
the 1D numerical simulations later on.
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Figure 4. Stresses along the axis of the bar computed with the Finite Element Model.

5. EXPERIMENTAL TEST AND CONCLUSIONS

A pull-out test has been carried out with a 24 mm diameter bar cemented in a 114 mm
diameter borehole. The bar was equipped with optic fiber. This allowed to measure the strains
along the nail and, therefore, to compute the tension along the nail.

This graph (figure 4) was compared with elasto-plastic numerical 1D simulations obtained for
different values of k. The one which fitted at best indicated a value of 5.3 MPa/m, near the
one estimated through pressuremeter tests (8 MPa/m).
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Figure 5. Tension along the nail in a pull-out test and comparison with an elasto-plastic 1D
simulation for k = 5.3 MPa/m

A method has been developed and tested to derive the stiffness of the soil-nail interface
through a pull-out test. This method involves a distributed measurement of strains along the
nail (such as optic fibers) and the comparison with a numerical simulation. It now needs to be
validated with more case studies.

Furthermore, the distributed measurement of strains along the nail is quite an expensive
monitoring and is not available on all construction sites. Therefore, this method needs to be
improved to be applied to classical pull-out tests where only nail head data are available.
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ABSTRACT

Soil nailing is a technique developed in France during the 70s for the retaining of excavations.
Today, such structures are often designed through Limit Equilibrium based software and their
facing is designed to support the maximal tensions admissible in the reinforcements. The
professionals generally admit that the service loads in the reinforcements are smaller than the
calculated ones, especially at the facing foot because of the construction phasing, from top to
bottom. In order to know precisely the facing loads, engineers can use Finite Element Method
(FEM) but the results are strongly dependent on the stiffness of soil and of the interface
between soil and nail. What is more, the FEM is time consuming. Therefore, Limit
Equilibrium based software need to be adapted to take into account the construction phasing
to modulate the mobilization of reinforcements. To achieve this, soil nailed walls have been
studied through real-scale experiments, centrifuge and numerical modelling. The comparison
of this results allowed to propose an improvement of the soil-nailing design using the
PROSPER software, developed by IFSTTAR. The PROSPER software choses a failure
surface along which the displacement of soil mobilizes the reaction of the nails. This
displacement is generally considered as homogenous along the surface but the results of the
present work allow the proposition of a better allure. Abacuses have been proposed for the
distribution of this displacement and this design approach has been tested on an experimental
wall. It provides an efficient and time-saving design of soil-nailed walls.

Keywords: Soil-Nailing, Limit Equilibrium, Nail Mobilization, Design.

1. INTRODUCTION

The technique of soil nailing has been developed in France in the 70’s and is widely used to
stabilize natural slopes or to create steep excavations. However, its design still raises
questions concerning the distribution of loads along the facing. These questions are hidden in
the usual design methods based on slope stability analysis and where the inclusions loads are
then derived from a multicriteria analysis [1] of nails failure, considering or not the
displacements along the potential failure surface.

One problem raised by these methods is that the biggest loads are often found in bottom nail
whereas this nail is known to be less loaded. Considering these limitations, the French
Organization for Standardization has initiated in 2014 a workgroup dedicated to facing loads
in reinforced soil.

The first monitored soil nailed wall was realized in the German National Project called
Bodenvernagelung [2] and became a benchmark for the subsequent studies, including the
walls built within the French National Project CLOUTERRE. From all these experiments a
typical pattern for facing loads has emerged. It induces a resulting force significantly inferior
to the active earth pressure. Recent experiments [3] [4] have been led. However, due to their
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particular geotechnical contexts (presence of glacial till, rock anchoring), their results cannot
be generalized.

2. AN EXAMPLE: THE BEVENAIS WALL
2.1. Presentation of the Wall

In order to improve the comprehension of these structures, INSA Lyon, the French innovative
company GTS and IFSTTAR then set up a collaborative project to monitor an experimental
soil nail wall, 7.5m high and 30m long, in a pit located in Bévenais (France). The
experimental wall has been divided in half, on one half a facing developed by GTS, on the
other half, a usual shotcrete facing, for the purpose of a comparison of their performances.

GTS designed a cost-saving, ergonomic and draining facing for soil nail walls based on
precast concrete flakes instead of the usual shotcrete. This process called AD/OC facing does
not change the excavation phasing [5].

The structure has been designed using the multicriteria method [1] and the nail lengths were
then increased (the final safety factor was 1.68). The total depth of the excavation was
reached with five 1.5 m lifts and the horizontal spacing between nails was 2 m. The top nails
(level 1 and 2) were 7 m long. The nails 3 and 4 were 6 m long and the last one was 5 m long.
Each of them made a 10° angle with the horizon. The wall has been built, then loaded by a
3 m deep trench at the bottom and eventually by a backfill at the top. The water table, located
30 m under the natural ground does not impact the study. The soil is homogenous and
constituted of a well graded, unsaturated, clean gravel. The friction angle was 41°.

2.2. Monitoring

The nail loads were monitored using strain gages, but the acquisition was partly defective and
therefore poorly harnessed until now. The gages were symmetrically glued on the nails in
order to distinguish traction and flexion components. 26 nails have been equipped by a single
gage placed at a distance of 20 cm from the facing. 4 nails (located on the levels n°® 2 and 4)
were equipped by several gages on their whole length. Unfortunately, as only part of these
measurements could be harnessed, they eventually did not allow any comparison between the
two technologies. The data here presented come indifferently from AD/OC facing and
shotcrete.The figure 1 presents the distribution of facing loads and its evolution through time.
The loads measured at the end of the construction are very small compared to the 80 kN in the
fourth nail announced by the multicriteria method. However, they later increase significantly,
yet without reaching the predicted values.

=

He

above trench floor (m)

)

—— 10 days
—— 100 days

- 220 days

—a— 250 days (trench)

—a— [00 days

(14 550 dayvs (backfill) [caccamesmmmmmn e —————————

altitude

] 0 o ]
facing load (kN)

Figure 1. Facing loads of the Bevenais wall at different dates
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3. DESIGN USING PROSPER
3.1. The PROSPER Software

The traditional design tools for soil nailed walls are based on the classical slope stability
analysis methods: a failure surface has to be chosen and the factor of safety is obtained
comparing disturbing forces with resisting ones. The latter are increased by the stabilizing
efforts due to the nails. These stabilizing efforts are commonly worked out through
multicriteria analysis or through the so-called displacement method which considers the same
type of nail failure.

This last approach is the one used in the PROSPER software, developed by LCPC
(Laboratoire Central des Ponts et Chaussées) [6]. A displacement of the sliding mass is
supposed and the loads induced in the nails are then calculated by integrating the beam
equation. This displacement is iteratively increased until the desired factor of safety is
reached. The integration of beam equation also gives access to the facing loads.

This method assumes a movement along the failure surface which is, by default, taken
homogeneous and therefore neglects the soil’s deformability. Moreover, the construction
phasing is not taken into account even though it has consequences on the relative mobilization
of each inclusion. Notably, the loads developed in the bottom nail are generally highly
overestimated because this nail is mobilized by no further excavation.

3.2. Introduction of Relative Displacements

In order to improve the analysis, the PROSPER software allows the introduction of
displacement varying between the top and bottom of the failure surface. For each nail, it is
possible to define a ratio between the displacements along the failure surface and the maximal
displacement at the wall top.

The distribution of this ratio can be estimated using the results presented in [7]. In this case
the ratios imposed into PROSPER are the following : 100% for the top nail, 54% for the
second, 44% for the third, 29% for the fourth and 1% for the bottom one. The figure 2
presents the facing loads obtained for a homogeneous displacement of the sliding mass and
the ones obtained considering a variation of this displacement. In both cases, the computation
was made with and without cohesion. The pattern of facing loads obtained using these
corrected displacements is more conform to experimental observations.
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-+- 6 kPa, homogeneous
-+- () kPa, homogeneous
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Figure 2. Facing loads of the Bévenais wall obtained with Prosper
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4. CONCLUSION

It has been showed that the introduction of a non-homogeneous relative displacement along
the failure surface leads to a distribution of facing loads more conform to the observations. It
is then crucial to develop abacus for relative displacement in order to significantly improve
the design of soil nailed walls and their facing.

ACKNOWLEDGEMENT

The authors want to thank the company GTS and its research manager Philippe Robit as well
as INSA Lyon and Ali Limam for the provision of their experimental data. Eventually, we
want to thank the french ministry for Ecologic and Cohesive Transition for the funding of the
PhD in which this work has been made possible.

REFERENCES

[1] Schlosser, F., Guilloux, A., 1981. “Le frottement dans le renforcement des sols”, Revue francaise
de Géotechnique, 16:165-77.

[2] Gassler, G., 1987. “Vernagelte Gelandesprunge — Tragverhalten und Standsicherheit”, PhD
Thesis, University of Karlsruhe, Germany.

[3] Menkiti, C.0., Long, M., 2008. “Performance of soil nails in Dublin glacial till”, Canadian
Geotechnical Journal, 45(12):1685-1698

[4] Jacobsz, S.W., Phalanndwa, T.S., 2011. ”Observed axial loads in soil nails”, African Regional
Conference on Soil Mechanics and Geotechnical Engineering, 18-21 July 2011, Maputo.

[5] Robit, P., Rajot, J.P., Limam, A., 2014, ”Paroi clouée AD/OC — une alternative au béton projeté
qui renforce le drainage et limite les émissions de CO2”, Journées Nationales de Géotechnique et de
Géologie de I’Ingénieur, 13-15 July 2014, Beauvais.

[6] Delmas, P., Cartier, G., Abdelhedi, A., 1986. “Une nouvelle méthode de dimensionnement du
clouage des pentes : programme Prosper”, Bulletin de liaison des Laboratoires des Ponts et
Chaussées, 141.

[7] Sauvage (de), J., 2018. “Etude du comportement des murs de souténement par clouage des sols en
place. Application au dimensionnement du parement”, PhD Thesis, ENTPE, France.

64



1st Mediterranean Young Geotechnical Engineers Conference
23-24 September 2019, Mugla, Turkey

TREATMENT OF STRUCTURAL DAMAGES OF AN INDIVIDUAL
HOUSE BY HUMIDIFYING ITS CLAYEY FOUNDATION SOIL - THE
MACH PROJECT

Lamine Ighil Ameur*, Cerema Blois - Direction Territoriale Normandie-Centre, Blois — France,
lamine.ighil-ameur@cerema.fr

Lucile Saussaye, Cerema Blois - Direction Territoriale Normandie-Centre, Blois — France

David Mathon, Direction Départementale des Territoires du Loir-et-Cher, Blois — France

ABSTRACT

Damages induced by shrinkage-swelling phenomenon of clayey soils are well known as major
natural disaster in France and more generally in the world. Thus, the volumetric change of soils
below existing buildings (such us: houses, road infrastructures ...) that happens with water
content variations and provokes a significant foundation settlement. Therefore, Cerema Blois
has decided to be part of important projects in order to develop innovative technical solutions
to overcome this current environmental issue. Affecting an individual house, soil shrinkage-
swelling causes important and expensive structural damages. For this case, Cerema Blois has
tested an innovative and environmental solution on one damaged-house localized at center
region in France. It is based on stocking rainwater into two tanks of 800 liters volume capacity
of each one and the principle is to humidify the foundation soil during high drying period. Now,
this solution highlights satisfying results in terms of closing cracks. The supervision of this
experience started in 2017 and has a duration of four years.

Keywords: Clay, Shrinkage, Swelling, Rainwater, Damages, Suction, Desiccation Cracking.

1. INTRODUCTION

The shrinkage-swelling of clays (SSC) phenomenon, also known as a geotechnical drought,
causes important movements of soils affecting the foundations of structures on the surface.
Indeed, the volume of these clayey soils varies according to their water content; this leads to
differential settlement phenomena that are particularly harmful for buildings (individual houses,
buildings and road infrastructures) [1], [2].

In France, the SSC hazard is ranking second as the natural risk in terms of financial impact and
disorders, with an average of 20,000 individual houses affected per year [3]. The impulse of
climate change will not stop growing the SSC phenomenon and will bring the cost of average
annual losses generated up to +23% by 2050 [4].

In this context, the Cerema! has invested heavily in the search for innovative techniques through
national and international projects to overcome this major problem. To this end, the Cerema
has conducted since 2016 an experiment that consists in instrumenting a house degraded by
geotechnical drought under the MACH project. The objective is to control the SSC phenomenon
by injecting the rainwater, recovered and stored, directly in the ground of foundation.

! Centre d’études et d’expertise sur les risques, I’environnement, la mobilité et I’aménagement

65



1st Mediterranean Young Geotechnical Engineers Conference
23-24 September 2019, Mugla, Turkey

The MACH project has a supervision duration of four years. Full project description and
experimental results of 2017 have been published in [5] and [6] conferences. In this study, the
continued follow-up operations and its results during 2018 are presented and compared with
those of 2017.

2. THE MACH ECOLOGICAL PROCESS
2.1. Rainwater Storage and Injection System

The rainwater storage and injection device are shown in Figure 1. First, rainwater is collected
and stored into two tanks of total volume of 1,600 liters. Then, the injection action needs a
preparation of a fixed volume of 300 liters by opening the filling valve by the house owner. The
humidification of the foundation soil is performed when the injection valve is opened and the
water is gravity flowed through the injection system.
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Figure 1. Rainwater storage and injection device
2.2. MACH Follow-Up Operations

There is three principal operations to follow-up during the MACH process summary illustrated
in Figure 2:

Crackmg measurement

TELEMETRIE

Figure 2. The MACH follow-up operations
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(1) The soil suction monitoring available online, which is essential to the injection process
by giving the injection instructions to the house owner. This operation allows recording
the soil suctions related to water content conditions, and can reach a maximum suction
of 239 kPa which represents the limit of measuring sensors.

(2) The monitoring of the cracking consists of measuring the opening or the closing of the
cracks appeared in the house by the disorders observed during summer 2015.

(3) Since the end of 2018, a connected device has been installed in the house to measure in
real time and continuously the hygrometry (relative humidity and temperature) of the
outside atmosphere. This data is automatically saved on a cloud reachable at any time
and from anywhere.

The results of all these operations allow writing an annual report each year along the duration
of the MACH project.

3. MACH EXPERIMENTAL RESULTS: 2017 vs 2018

Figure 3 shows the soil suction results of the years 2017 and 2018 as well as the evolution of
crack 1 (street side facade). The annual report of rainwater injections is also reported.
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Figure 3. Comparison of MACH experimental results during 2017 and 2018

In terms of suction, the results show very high values recorded from June 30 to December 15,
2018 and having reached the limit of Watermark® probes (239 kPa) for several weeks. These
values are significantly higher than those known in 2017 with peaks below the limit of probes
and shorter durations.

In terms of rainwater injections, this is consistent with the soil suction with more than 15
injections (4010 liters) applied in 2018 against 9 injections (2660 liters) in 2017.

In terms of cracking (red curve), the results highlight a positive effect of control following the
application of rainwater injections. Indeed, the opening crack 1 has stabilized during critical
periods of high suction values thanks to water injections.

4. CONCLUSION

This study summarizes the monitoring operations during 2018 through the installation of new
equipment and performing the follow-up operations. The summer of 2018 was considered like
one of the hottest and comparable to that of 2003, resulting in a particularly severe drought.
This made it possible to test the MACH process under extreme demands of rainwater and strong
suctions in the soil. The results obtained confirm the effectiveness of the MACH process for
the stabilization of cracks during the period of high temperatures and very low rainfall.
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ABSTRACT

Pile base grouting is generally carried out to reduce pile settlement and improve its bearing
capacity. Example of two static load tests on instrumented bored piles installed with and without
grouting is presented. The interpretation and comparative analysis of both piles showed that
grouting primarily activates and increases the pile shaft resistance and therefore improves the
characteristics of bored pile interaction with the soil. The grouting ‘work principle’ was
characterized in the paper.

Keywords: Pile Base Grouting, Pile Instrumentation, Pile Foundation, Bored Pile

1. INTRODUCTION

The side shear of bored shafts fully develops at displacement of between 0.5 and 1.0% of the
shaft diameter (D), whereas, the end bearing is fully mobilized at displacements of 10 - 15% D.
Therefore, the end bearing requires 10-30 times more displacement to mobilize the same
percentage of its ultimate value. This forces engineers to reduce the end bearing contribution to
the capacity of bored shafts to fulfill settlement limits [1].

Base grouting technology is used to prestress the soil underneath the pile base and to mobilize
shaft friction before the ‘real” load is applied, that allows to reduce mentioned above limitations.
In Poland mostly used and well known are four technological solutions that were described in

[2].

2. GROUTING WORK PRINCIPLE

Purpose of the pressure grouting is to introduce initial compressive force between pile base and
the subsoil. On the pile side, this force is absorbed by pile weight and by the soil friction along
the pile shaft, which acts downwards (fs; in Fig. 1). With respect to the soil underneath the pile
base, strength of the injection causes its pre-stressing and consolidation. At the same time,
relaxation and disturbance of the soil structure created during the drilling are also reduced.

In non-cohesive soils, a certain volume of soil is additionally cemented and the effective area
of the pile base increases. The injection pressure pin should be adjusted, so that it causes the pile
to be moved up (sp1), however, but not more than 5 mm. In addition, the maximum pressure
should be sustained for a specified period of time and held until the cement grout has hardened.
The value of a pre-generated force in the pile base cannot be calculated directly from the
injection pressure.
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As a result of various pressure losses and as a result of soil consolidation under the pile base,
the permanent force value in the base (Qb1) is 30% to 50% lower than the initial value
(calculated on the basis of the injection pressure pin).

In Fig. 1, values of resistance and displacement corresponding to the moment of injection
activation are marked on the graphs by points A, and stabilized values (permanent) - by points
B. The points A" and B' indicate the displacement (settlement) of the soil under the pile base,
caused by the injection pressure, which are in fact not measurable.

Phase 1 - after injection
under the base

Phase 2a - static pile

Phase 2b - static pile

Superposition: phases 1+2a+2b

load test - part "a"
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Figure 1. Schematic work idea of the pressure grouting under the pile base

During the transfer of external loads (eg. during a load test), a significantly smaller settlement
of the pile with injection than the pile without injection is observed. From the schematic
diagram in Fig.1, it follows that the decrease in pile settlement value is primarily the result of
the specific work of the pile shaft.

When loading a pile, firstly shaft friction f;1 induced by the injection (directed downwards) is
reduced to zero by friction fo,, and then the friction direction is reversed upwards and
continuously mobilized to the value f25. As a result, the resistance of the pile shaft, reaching in
the final phase to point C, can even be doubled (fs1 + fi2s).

Additionally, when taking into account that soil during reloading behaves much stiffer then
during primary loading, it results in greater stiffness of the pile in the initial load stages. Pile
base resistance, during a static load test achieves a relatively small value (Or2a + Os2p) and also
shows reduced stiffness, but it must be noted that this resistance is added to the already existing
force generated by the injection (Qp1).
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3. PILE LOAD TESTS - EXPERIMENTAL DATA

Two piles (bored in casing) No. 62 and No. 99 with diameter D = 1500 mm and effective length
of 19.7 m were analyzed. For pile No. 62 base grouting was injected, while pile No. 99 was
executed without injection. For comparative study, static load test on both piles were performed
(using additional strain gauges for load distribution along pile shaft) and the results are
presented in figures below (Fig 2, Fig. 3 and Fig. 4). A detailed description of foundation,
ground conditions, calculation analysis and the basic results of pile load tests are presented by
Dembicki et al. in [3]. To calculate the load distribution along shaft (based on strain gauges
measurements), it was necessary to adopt an appropriate longitudinal pile core stiffness EA.
The value of this stiffness, however, may change with strain and depth (eg. due to even small
changes in the pile diameter. Constant concrete stiffness modulus value £ and its determination
on the basis of general recommendations, e.g. from tables based on concrete class, is not very
precise and leads to erroneous results interpretation [4]. In the analysis, the £4 value was
determined as strain and depth dependent.
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Figure 4. Plots of foundation piles settlement from static load tests.

4. RESULTS AND CONCLUSIONS

v" Figure 4 shows a very clear and positive effect of grouting. After exceeding the force value
0 = 4000 kN, larger settlement growth in the pale without injection is observed. For
Omax = 11000 kN pile without injection showed about three times greater settlements (s =
31,5 mm) than pile with injection (s = 10 + 12 mm).

v' 1t is believed, that the grouting injection increases the initial pile stiffness, but does not
increase the load-bearing capacity of the pile Rut. However, determining the design pile load
capacity Rq, according to the criterion of allowable settlements, it can be concluded that the
injection certainly increases the pile bearing capacity. On the other hand, the pile bearing
capacity increases when as the injection result soil is cemented and the effective area of the
pile base is increased.

v" Practical example indicates that it is very expedient to perform pile testing with the
measurement of axial force distribution along pile shaft. Such a measurement not only allows
to more accurately verify the effectiveness of grouting injection, but also to get to know the
essence of its operation and the characteristics of soil structure interaction.

v' Although the primary purpose of base injection is to pre-stress its substrate, it has been found
that this treatment also activates increased soil resistance along the pile shaft. According to
theoretical analysis, the soil resistance along shaft can increase twice and according to the
research - even three times, especially in the lower pile sections.
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ABSTRACT

In the last decade, biology-based ground improvement method known as microbially induced
calcium carbonate precipitation (MICP) has attracted the attention of the researchers seeking
environmentally friendly solutions to the challenging problems of Geotechnical Engineering
field. Within this scope, a group of researchers from interdisciplinary fields in the Middle East
Technical University also have aimed at contributing to the literature for the last few years.
Previous deductions of the authors especially in micro-scale paved the way for macro-scale
mechanical tests, which form the engineering basis of practical MICP implementations. The
mechanical test program included both direct shear and triaxial tests. The test procedures were
formed in a progressive way such that the problems encountered during the trials were
eliminated in the further tests. Accordingly, challenges and inferences throughout the
development of test procedures are presented in this study.

Keywords: Microbially Induced Calcium Carbonate Precipitation, Direct Shear Test, Triaxial
Test.

1. INTRODUCTION

Increasing population and migration to the cities result in growing infrastructural demand and
lead to necessity of construction within ground conditions that are normally not desirable. The
solution for undesirable ground conditions lay in the application of ground improvement
techniques. For this purpose, conventional ground improvement methods have been
successfully used for many decades. However, increasing environmental awareness, the
expectations, and most importantly the regulations force people question the feasibility of
existing methods. At that point, the quest for better applications brought about bacteria-based
methods considering their advantages. As the bacteria already live in the ground, the external
interferences are minimized. Bacteria can function even under extreme conditions.
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Providing the necessary nutrition for bacteria to the soil, formation of calcium carbonate takes
place inside the pores. Formed calcium carbonate particles are effective in improving strength
and deformation characteristics of soils, especially sands. The whole procedure is known in
the literature as microbially induced calcium carbonate precipitation (MICP).

The authors of this proceeding have been working on the subject for the recent years.
Accordingly, the authors initially intended to comprehend the subject in the micro level.
Experiments in syringes demonstrated the viability of the calcium carbonate precipitation
under various conditions in sands. Specimens extracted from syringes were monitored
through SEM, EDS and XRD techniques. The results and discussions about the subject were
previously published by some members of the research group [1].

In geotechnical engineering, one of the optimum ways for understanding the strength
characteristics of soils is to perform mechanical tests in laboratory conditions, alternative to
field tests. The frequently used mechanical tests on bacteria-treated specimens include
unconfined compression test [2,3,4], direct shear test [5, 6] and triaxial test [7, 8, 9, 10]. The
authors of this publication also emphasized on the importance of above-mentioned
mechanical test in their studies. Accordingly, a publication revealing the results of unconfined
compression tests is to be published in the upcoming months. Furthermore, the objective of
the researchers is to extend the knowledge by employing direct shear and triaxial tests.
Therefore, this paper aims at contributing to the literature of MICP through summarizing the
approaches adopted while performing direct shear and triaxial tests on improved sands.

2. METHODOLOGY
2.1. Direct Shear Test

One of the fundamental challenges for the evaluation of the geomechanical properties of the
microbially treated soils is specimen preparation stage. As there exists no standard specimen
preparation procedure, researchers have followed many different procedures. Within the
concept of this study, a specimen preparation procedure was designed by assessing these
options emerged in the literature.

The design process started with the question of “How to apply the cementation solution?”.
There are two alternatives appearing in the literature: Submersion of the mold into the
medium [5, 11] and injection of the medium through the soil matrix by producing a head
difference or using a peristaltic pump [12, 13, 14, 15]. In the current study, the researchers
opted for injection through use of peristaltic pump. The reasons for this selection are
resembling the grouting methods in the field and having more control on injected fluid.

The next decision was related to the properties of the mold in which the specimens were
prepared. Hence, first, two options were considered: Either preparation of the specimens in
the direct shear box or preparation in a mold and then transferring into the direct shear box.
Mold made of geotextile material is an example for the latter case [11]. In this study, to
eliminate the possible disturbances during the transferring stage, the specimens were prepared
in the direct shear boxes. However, the risk of corrosion emerged with this selection as it
could ruin the reactions. Therefore, boxes produced from stainless steel were used. The boxes
had the same dimensions with the conventional direct shear boxes available in the market (60
mm in diameter).

The pilot tests were performed after production of the direct shear boxes. In order to get the
drained parameters quickly, the pilot tests were performed under dry conditions. The
specimens were kept under 60 °C until no mass change was observed.
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Following the drying process, a stiff crust layer was observed on the top of the specimens
(Figure 1). The direct shear test results under this condition were unreliable. An example for
the pilot tests illustrating the shear and displacement behavior is given in Figure 2. At the end
of the tests, it was noticed that the observed stiff crust layer was strongly bonded to the upper
half of the direct shear box.

That probably limited the transfer of the normal load given to the specimen by not allowing
the formation of shear plane at the joint of two halves of the box. This condition is probably
valid especially for the case of relatively low normal loads. Eventually, the idea of such a
drying process was leaved. Air drying could be considered as another option, but considering
the long time required to get fully dry specimens, the idea was also eliminated. As a result, the
strategy was shifted to testing specimens under saturated conditions.

Figure 1. Crust layer observed after drying process
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Figure 2. An example of pilot experiment results
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In the literature, researchers have mainly focused on two main injection strategies:
Continuous-flow where the medium flows through the specimen without any interruption and
stopped-flow where the injections were performed in a periodical manner and the system was
left for reaction between two consecutive injections. The researchers obtained better results
when stopped-flow strategy was applied [16, 17].

In order to function under maximum efficiency, it is essential to have a closed system that
prevents any leakage. Thus, it was required to take precaution against possible leakage from
the joint of the two halves of the box. Application of silicone would be a solution. However,
the remainings of the silicone after removal for shearing process would affect the test results.
Finally, it was decided to use a special tape around the joint that provides leakage protection.
To ensure a watertight mold, silicone was also applied to the two edges of the tape (Figure 3).

Figure 3. Watertight mold with silicone application

In conclusion, thanks to improvements in experimental procedure, at the end reliable results
were obtained. The results revealed that improvements in mechanical characteristics with
certain type of bacteria are highly possible.

2.2. Isotropically Consolidated Drained Triaxial Test

In this section, the test procedure for already planned isotropically consolidated drained
triaxial test (CD) is introduced. In general, the conventional triaxial test procedure together
with some required minor changes is followed and the main reason for conducting CD test out
of other possible triaxial tests is the fact that drainage conditions in CD test are similar to
drainage conditions of sands for most of the cases. However, as mentioned above some
modifications for triaxial testing of MICP treated sands were inevitable and those
modifications are going to be discussed.
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The first step is initial calibrations and specimen preparation. Following the end of the
previous experiment, before preparing a new specimen, initially each drainage line of triaxial
base is controlled for investigating possible clogging occurrence.

Compatibility of porous stones is checked by injecting biological solutions from bottom
drainage line to porous stones. No specimen is placed on top of the stones at that stage.
Effluents are collected and optical density (OD) of the solution is measured. For specimen
preparation, undercompaction method is adopted as suggested by Ladd [18]. The method
allows specimen to have uniform density along the height of the specimen. During the
compaction of upper layers with tamping rod, lower layers are also compacted as expected.

Yet, in undercompaction, height of layers is adjusted based on the principle that each layer is
going to be compacted equally at the end. In this study, specimens are prepared in 8 layers
and with 4% water content which is mentioned as reasonable value for most of the soils [19].
Before compacting the specimen, vacuum is applied to split mold to ensure full contact of
membrane with split mold. After completing compaction, vacuum is utilized for specimen
from top cap and split mold is removed. Then, cell pressure is gradually applied while
decreasing the vacuum slowly, in order to avoid overconsolidation of specimen.

a. Tamping rod with adjustable height b. Compaction of layers

Figure 4. Specimen preparation with undercompaction method

The next step is injection of biological and cementation solutions after application of seating
cell pressure. At that point, at the same time multiple triaxial test cells are to be used during
specimen nutrition for time saving. Providing nutrition inside the cell appears to be more
appropriate for reflection of practical applications. The reason for this is that the soil is under
certain confinement conditions in the ground with depth. The cell pressure value is
determined by considering target improvement depth of soil which might vary depending on
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different uses such as liquefaction mitigation, slope stabilization, bearing capacity
improvement, settlement reduction, erosion and seepage control etc. Variables such as
injection rate and retention time are kept same as in the direct shear tests for consistency.

Depending on the expected cementation levels, the number of injections might be increased or
decreased as given in the study of Feng and Montoya [7] to obtain lightly/moderate/heavily
cementation levels. In this case, a reverse injection scheme is employed. While biological
solution is injected from bottom drainage line, cementation solution is injected from top
drainage line to reduce clogging possibility in the drainage lines [20]. Each stage requires
detailed and careful maintenance of the equipment used in the experiment.

At the next stage, saturation process is completed. Initially, carbon dioxide is flushed through
the specimen for certain time until a rate of three bubbles per second is observed at the output.
Rate of flushing is measured by connecting effluent line to a bowl filled with water. The
reason for flushing CO: is basically replacing soluble air with a gas of better solubility in
water [21]. This process is continued for 20-30 min and de-aired water is flushed
subsequently.

The rate of flushing should be carefully determined in order to prevent disturbance of the
specimen. Pressure volume actuators might be discharge controlled and, in this case, very low
discharge values can be chosen. If this is not the case, flushing of de-aired water can be done
with very low-pressure values. Producing a head difference is another option for flushing of
de-aired water. After flushing, the specimen is saturated until Skempton’s B value is reached
to 0.95.

As a final step, specimen is consolidated to desired effective stress and sheared. After
completing shearing, cell and backpressures are gradually decreased. Together with a partial
vacuum from top cap, specimen is removed from pedestal.

3. CONCLUSION

In this publication, the primary aim is to introduce the steps that were followed and currently
being followed in MICP based experiments. Following the end of testing program, results are
going to be revealed in forthcoming studies. The experience gained so far indicate that in
overall, the procedure followed in operation of direct shear test and triaxial test on improved
sands are promising. Eliminating the possible drawbacks require hands-on experience and
detailed investigation at every step.
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ABSTRACT

The bearing capacity of shallow foundation near slope has always been one of the subjects
of major interest in geotechnical engineering for researchers and practical engineers. This
paper presents the results of laboratory model tests of an eccentrically loaded capacity of
foundations on slopes. In order to achieve this objective several tests were carried out with an
eccentrically loaded model footing under various positive and negative eccentricity ratio +¢/B
and various normalized footing distance d/B. The results have been compared with those
available in the literature. The results of the experimental study proved that the load
eccentricity, and the normalized footing distance had considerable effects on the drained
bearing capacity. Failure mechanism were not symmetrical, the higher length it can be
developed on the slope side and the lengths of failure surfaces decreased with the increasing
eccentricity.

Keywords: Bearing Capacity, Eccentric Loading, Failure Mechanism, Shallow Foundation
Slope.

1. INTRODUCTION

The prediction of the bearing capacity of a shallow foundation is a very important problem in
Geotechnical Engineering. There is an extensive literature dealing with drained bearing
capacity of foundation during the last century through different methods; experimental
investigations, numerical and theoretical analyses. Under eccentric loading is the effective
width method is broadly accepted in foundation design [1]. [2] proposed empirical
modifications to [3] expressions who proposed to take account the effect of moment loading by
introducing effective foundation dimensions, which consists of replacing the actual footing B
by an effective footing with width B’ [4].

1.,
qUZEB 7N,

Recent decades, the approach of multiplicative factors is being replaced by the use of a failure
envelope (V-H-M) space, various studies can be found in the literature (e.g., [5]; [6]; [7]; [8];
[9]; [10]; [11]; [22]; [13]), have been proposed expression for the load interaction diagram and
failure surface for strip, circular and rectangular surface footings on horizontal ground.
However, contrary to the horizontal flat soil case, very limited work has been done on the
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eccentric loading capacity of strip foundations on slopes, due to land limitation and some other
specific reason, such as bridge abutments, towers footings of electrical transmission lines and
buildings that are located next to a ravine [14]. In these cases, the bearing capacity may be
significantly reduced depending on the location of the footing with respect to the slope.
However, the difficulty in solving a footing on slope problem is that the ultimate bearing
capacity is affected by either the local foundation failure or the global slope failure, which has
negative consequences on the environment in general. [15] When the foundation is constructed
near slope, the length of failure mechanism has been much shorter than that of the same footing
on horizontal ground surface due to lack of on the side of the slope of the strip footing, the
bearing capacity is decreases ([16]; [17]; [18]; [19]).

Different studies have been devoted for the calculation of the bearing capacity of shallow
footings under eccentric, the limit equilibrium method of the same problems was presented by
[20], who also developed a theory for calculated the problem of footings near cohesionless
slopes subjected to eccentric vertical loads. They conclude that the position of the load to the
center of the footing is highly considerable effect. [21] used the finite element FE method to
investigate the stability of footing rest on the crest of the slope under eccentric loads. The results
show effect of eccentric loads is differs considerably depending the position of the loads versus
the middle of footing and the crest of the slope. [22] have been used linear and non-linear FEM
analysis to investigate effect of load eccentricity and soil reinforcement on the bearing capacity
and the failure mechanism of the footing. Furthermore, some experimental works on the bearing
capacity of foundation near slope under eccentric loads have been conducted by [23] were used
full-scale model tests on very dense sand to investigate the ultimate bearing capacity depending
to the eccentric loads for strip footings stay in the for sloping ground (D+/B=0) and embedded
in soil (D#/B=0.25). They found that the ultimate bearing capacity decreases with increase of
the eccentric loads and the slope inclination. Also, they found that the failure mechanism for
the footing on the top of the slope decrease with increase of eccentric of the load. [24] who
investigated an artificial neural networks (ANNs) and multi-linear regression model for the
prediction of ultimate loads of eccentric and eccentric-inclined loaded of strip footings. In
addition, [25] and [26] have been employed the experimental investigation with numerical
analysis to estimate the stability of uniformly reinforced slopes under eccentric loads. They
show that the bearing capacity increases by reinforcing the soil zone immediately beneath the
footing with footing size reinforcing layers up to depth. According to literature review, none of
the published studies pointed out the experimental analyses of eccentric loaded strip footings
without reinforced considering varieties of positive and negative eccentricity ratio +e/B and
various normalised footing distance d/B. This study tries to point a good understanding of the
behavior strip footing resting on sand soil under eccentrically loads. For this purpose,
experimental studies have been carried out to define the ultimate load, and then, the load-
settlement curves have been plotted. A total of 28 laboratory model tests were carried out with
different footings distance, the eccentricity ratio (e¢/B) changed from 0 to +0.3.

2. EXPERIMENTAL STUDY
2.1. Experimental Model Test

A series of laboratory model tests was conducted in a test tank made of a rigid steel, with inside
dimensions of 1.8 x 0.5 m in plan and 0.6 m in high as shown in Fig.1. One of the two sidewalls
of the tank are made of 10 mm thick transparent Plexiglas plate allows the sample to be seen
during preparation and to observe the failure mechanism during the tests and the other sides
consist of 3 mm steel plate. The horizontal lines with equal 50mm spacing were also marked
on the inner surfaces of the test tank to make easy the preparation of the sand bed in layers.
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Plane strain conditions during all tests are ensured by construction the test tank walls rigid with
melted steel. All tests were conducted with an artificially made slope of B=33.69°. The different
parts and apparatus of the model test are shown in Fig. 1. The loading system is a moving lever
mechanism consisting of a rigid metal beam. The load is applied to the footing by placed masses
sequentially on the lever and measured by a load sensor (load sensor 20KN). The displacements
were measured by a sensor placed on the load point application as shown in Fig. 1.

2.5m 0.5m
< >|€<—>|
1 ] ]
. O O]
N
Loading beam
/'swelght Load sensor —
E— Displacement sensor —)j)_
footing—>» [
tank —>» sand
i

Figure 1. Schematic view of the experimental apparatus.

2.2. Test Materials
2.2.1. Footing

The model strip footing used was made of a rigid steel plate with Several holes are created on
the upper side of the footing, considered as loading points during the application of different
eccentric loads. (see Fig. 2). The footing was 499 mm in length, 100 mm in width, B, and 20
mm in thickness, with the length of the footing was made almost equal to the width of the tank
in order to maintain the plane strain conditions. The tow ends of footing have been polished to
minimize all efforts resulting from the friction with the tank walls. A rough base condition was
provided by using rough sandpaper on the base of the model footing.

Displacement sensor

I
1 ]
e/b=0 \;\E\-y Load application
1 ! .
B ! V't: : /— Footing
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N
< >

Figure 2. Schematic view of the tested footing and load point application
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2.2.2. Sand

The sand used in this research is "Pit Sand", whose particle size distribution is shown in Fig.3.
It has a coefficient of uniformity (Cu) of 3.08, coefficient of curvature (Cc) of 1.29, effective
particle size (D10) of 0.36 mm, and specific gravity of 2.63. The maximum and minimum dry
unit weights of the sand are found to be 14.1 and 19.3 KN/m. The sand was dried until the
moisture content was almost zero (dry condition) throughout all tests. In all tests the total (dry)
unit weigh and relative density (ID) of sand was kept at 16.2 kN/m3 and 60% respectively. The
internal friction angle of compacted sand at relative density of 60% measured from a series of
direct shear tests is approximately 38° which correspond to dense sand. The properties of this

soil are given in Tablel.

(a)
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Figure 3. Particle size distribution curve for the sand
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Tablel. Soil Parameters.

T

1

Parameter Value
Cohesion, ¢ (kPa) 0.0
Angle of internal friction (°) 38.00
Unit weight, y (kN/m3) 16.20
Maximum dry density (kN/m3) 19.30
Minimum dry density (KN/m3) 13.92
D10 (mm) 0.12
D30 (mm) 0.24
D60 (mm) 0.37
Coefficient of uniformity, Cu 3.08
Coefficient of curvature, Cc 1.29
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2.3.Slope Preparation and the Test Program

The procedure adopted for the slope preparation was the same as those used by [27] and [28]
as in the figure 5. The sand slope model is made by pouring and compacting in 50 mm thick
sand layers to cover the entire plane surface of the test tank. For the construction of the slope
model, the sand was poured in 50 mm thick layers up to a height of 500 mm from the bottom
of the test tank and covering its entire area. The geometry of the slope was drawn on both sides
of the test tank and the sand was excavated, accordingly. The desired slope angle was achieved
by using a rigid metal blade. Three tests were conducted to investigate the effect of slope in the
behavior of bearing capacity of strip footing under eccentric loads. The figure 5 shows three
different methods of the load test: (1) centric load; (2) positive eccentrically (Eccentric load
towards slope face) and (3) negative eccentrically (Eccentric load far away from slope face).
Each series of tests was conducted to study the response of one parameter while the other ones
remained constant. The varied conditions include the eccentricity value and the normalized
distance d/B.

Table 2. Model Tests Program

Test reference d/B e/B tg B
000, 001, 002, 003 0 0
050, 051, 052, 053 0.5 0.1
100, 101, 102, 103 1 0.2
150, 151, 152, 153 15 0.3 2/3
200, 201, 202, 203 2 -0.1
250, 251, 202, 253 2.5 -0.2
300, 301, 302, 303 3 -0.3

3. RESULTS AND DISCUSSION

In total three series consisting of 49 model tests were performed to study the effect of various
parameters of positive e/B =0, 0.1, 0.2, 0.3, negative (e/B) =0, -0.1, -0.2, -0.3 eccentric loads
and normalised slope/footing distance d/B of 0, 0.5, 1.0, 1.5, 2.0, 2.5, 3 are considered. Typical
load-settlement curve for footing under eccentric load is illustrated in Fig.6, for e=0.1B. In this
curve, the ultimate bearing capacity was determined by tangent intersection method [29] and
[30], this method based drawn from the initial and the end points of the load— settlement curve
and the ultimate load corresponding to the intersection point of these two lines.

A reduction factors are expressed in non-dimensional form in terms of bearing capacity of strip
footing under eccentric loads and near of the slope. The first is ie = eccentric factor, qu(eccentric) =
ultimate bearing capacity (eccentrically load per unit area) and Queentricy = ultimate bearing
capacity (vertical centric loading).
i = CIu(eccentric)
qu(centric)

The results of this study are compared with the results of [2]; [23] and [25].

85



1st Mediterranean Young Geotechnical Engineers Conference
23-24 September 2019, Mugla, Turkey

Load intensity (kPa)
0 10 20 0 40 50 60

Tangent lines to
the initial points

settelment(mm)

4 | Tangent lines to
the final points

5

Figure 6. Interpretation of Load Test Data
3.1.Effect of the Load Eccentricity Location Relative to the Slope Face

The influence of the eccentrically loads is investigated for various eccentricity ratio +e/B and
normalized slope/footing distance d/B as mentioned in the table 2. Fig.7, shows the load—
settlement curves at different e/B ratios for d/B=0.5, 1.5 and 3 respectively. As seen, the
ultimate bearing capacity under eccentrically loads increase with increases of the normalized
slope/footing distance d/B. in the cases of d/B=0.5 and 1.5 the ultimate bearing capacity in the
he positive case smaller than the negative eccentric load, this is the failure mechanism extends
to the slope, However, in the case of d/B=3 the same ultimate bearing capacity for two cases of
eccentricity ratio, this correspond that the failure mechanism extend in the horizontal ground
surface or in other meaning that the slope not effected in ultimate bearing capacity for two sing
eccentricity loads. a similar trend case was reported by [31] has been observed that the ultimate
bearing capacity remains nearly constant when the normalized distance in excess of about
d/B>3. The same observation was signaled by [32] that the slope not effected in the ultimate
bearing capacity when the normalized distance greater than the d/B>3. Concerning the centric
loading always greater than the eccentric loading in the two cases of eccentrically loads ratio
e/B.
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Figure 7. Summary of load—settlement curves at different e/B ratios (model test).
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4. CONCLUSION

The experimental study of an eccentrically loaded strip footing near slope have been conducted.
Various geometries were considered, the results of the analyses were compared to other
available solutions. It was found that the ultimate bearing capacity depends the eccentric ration
e/B and normalized distance d/B also the inclination slope . Based on the laboratory tests, the
following main conclusions are drawn:

- The bearing capacity increased when the footing located so far to the top of the slope.

- Loading the bearing capacity under centric loading is greater than under eccentrically
loading.

- The effect of eccentric loading in the ultimate bearing capacity.
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ABSTRACT

In the last decade there has been a rapid increase in the number and type of energy structures
due to increasing energy requirements. The energy geostructures are into direct contact with the
soil, causing thermal changes in the soil. Recent studies have shown that thermal cycling and
high temperature lead to changes in engineering properties such as hydraulic conductivity,
volumetric change and shear strength. There is a need for thermally resistive and durable soil
layers at the nuclear waste landfills and under energy structure foundation systems. In this
study, boron additive namely; tincal was added to sand-bentonite mixtures in order to develop
heat resistant soil material which can maintain the resistance against heat effects. The 10% and
20% bentonite was used in the sand-bentonite mixtures. The mixtures were compacted at
maximum dry unit weight and optimum water content in the specificially manufactured wooden
boxes. Boron mineral tincal added at the percentages of 5%, 10% and 15%, and thermal
resistivity measurements were performed. When the results are examined, it has been found
that the tincal mineral improve the thermal resistivity of the sand-bentonite mixtures.

Keywords: Boron minerals, Sand-Bentonite Mixtures, Thermal Conductivity, Tincal

1. INTRODUCTION

In the last two decades with increase in number and type of thermos-active geostructures due
to increasing energy requirements. These structures are directly contact with the soil and
causing thermal changes in the soil. Recent studies have shown that temperature variations lead
to changes in engineering properties such as hydraulic conductivity, volumetric change and
shear strength. The temperature increase may cause harmful effects under some circumstances.
For example, the hydraulic conductivity increase in nuclear waste isolation landfills may cause
irreversible environmental contamination. The volume changes and strength loss may cause
structural deformations at energy structures.

A huge number of engineering projects are related to the heat transfer. Heat transfer take place
through the soil mass. Some places such as high voltage buried power cables, oil and gas pipe
line, energy piles, storage and utilization of geothermal energy, nuclear waste disposal facilities,
ground improvement techniques by using heating and freezing and subway and tunnel fire
prevention design which are influenced by heat transfer. Around the buried high voltage electric
cables, the thermal conductivity of soil is important. In order to maintain heat flux around the
cable the thermal conductivity of soil should be high. At nuclear waste repositiries the buffer
should transmit the heat from canister surface to the other layers. According to direction of
vector of heat transfer, angle of internal friction (@) and cohesion (c) of soils will change and
ultimate bearing capacity and shear strength of soil also will change. Protection of soils from
the heat flux is a very important process where the flux is exist.
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Thermal conductivity (or resistivity) is one of the most difficult parameters to estimate. Because
it can be influenced easily by degree of water content, mineral content, organic matter, shape
of grain and porosity and grain size distribution. Many laboratory tests must be done to be able
to understand effect of water content, grain size distribution, mass density on thermal resistivity
in soil. The magnitude of the effect of thermal resistance on internal friction angle and cohesion
is a important problem during geotechnical designing. In order to characterize soil thermal
behavior the thermal conductivity or thermal resistivity values are used [1].

The boron minerals are used in order to increase the thermal resistivity of materials in industry.
The challange of this study is boron mineral added sand-bentonite mixtures may show more
resistance against high temperature. In this study, boron additives namely; tincal were added to
sand-bentonite mixtures in order to develop heat resistant soil material which can maintain the
resistance against heat effects.

In this study, the thermal condcutivity values of the 10% bentonite-sand and 20% bentonite-
sand mixtures were determined in the presence of boron mineral; namely tincal. The
relationship between the some soil properties and thermal conductivity values were also
reported.

2. MATERIAL CHARACTERIZATION AND METHODS

2.1. Material Characterization

Sand, bentonite, tincal samples were used in all experiments. The bentonite samples were
gathered from Eczacibasi Esan Company and it is Na-bentonite. Boron mineral was supplied
from Eti Mining General Directorate of Turkey. The bentonite samples were oven dried
(105°C), crushed and sieved through 0.425 mm. Grain size distribution, liquid limit, plastic
limit and specific gravity values of soil samples determined in accordance with [2], [3] and [4]
standards. Sand was sieved through No.6 sieve. Tincal sample was sieved through No.40 sieve.
The physico-chemical properties of the sand, bentonite and tincal samples are given in Table 1
and Table 2, respectively.

Table 1. The properties of sand and bentonite samples

Property Sand Bentonite
Specific gravity 2.65 2.697
Liquid limit (%) 468
Plastic limit (%) 53.7
Clay(%) 12 60

Table 2. Properties of the used boron minerals

Property Tincal
Specific gravity 1.73
Molecular weight (g/mol) 381.37
Heat capacity (J/g°C) 4.00
Thermal conductivity ( W/mK) 0.704
Specific surface area (m?/g) 13.55
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2.2. Laboratory Tests

The sand-bentonite mixtures were prepared with the ratio of the amount of bentonite to the
amount of sand-bentonite was 0.10 and 0.20. Tincal additive was added to the bentonite-sand
mixture to be 5%, 10% and 15% respectively. As the thermal conductivity coefficient of the air
is very low, the void ratio in a composite material directly changes the thermal conductivity.
For this reason, the void ratio of all samples was tried to be kept the same. Throughout the
experiments, the void ratio of the sand-bentonite mixture, 0.74, was used.

The optimum water content and maximum dry unit weight values were determined by the
Standard Proctor tests. The specific gravity (Gs), optimum water content (mopt) and dry unit
weight (yary) Of the samples were used in the calculations to maintain the same void ratio. As
an example, the specific gravity and water content values were given in Table 3.

Table 3. The maximum dry unit weight, optimum water content and specific gravity values of
the 10B-90S and 20B-80S mixtures

Sample Tincal content Specific gravity Max. dry unit weight Water content
(%) (Gs) (’Ydrymax) (W) (%)

0 2.636 1.722 14.0
§ 5.0 2.683 1.542 16.2
g 10.0 2.697 1.550 18.5
- 15.0 2.727 1.567 19.0

0 2.579 1.722 14.0
S 5.0 2.601 1535 16.9
g 10.0 2.685 1.545 18.5
o 15.0 2.742 1.550 205

All samples were compacted in the wooden mold (12 cm x 12 cm x 4 cm) as shown in Figure
1.

Figure 1. The compacted sample in the wooden mold

The compaction process was carried out manually. By doing some trials, the number of hammer
drops were determined. After that, all samples were compacted under same energy level. The
mixtures were compacted at maximum dry unit weight and optimum water content in the
specificially manufactured wooden box. Boron mineral tincal was added at the percentages of
5%, 10% and 15% and thermal resistivity measurements were done.

Thermal conductivity of each samples were measured by using hot-wire methods. All
measurements were made by using shotherm QTM device (Figure 2). A total of five
measurements were taken from each sample and average of these measurements were reported
as thermal conductivity value. Figure 3 shows these five measurements positions on the sample.
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Figure 3. The measurement positions on the sample

3. RESULTS AND DISCUSSIONS

The termal conductivity of sand-bentonite mixtures were determined in the presence of boron
minerals tincal. The thermal conductivity values of 10% bentonite-sand and 20% bentonite-
sand mixtures are given in Table 4.

As seen from the results in Table 4, the reference value of the in the additive-free 10% bentonite
was found to be 1.450 W/m-K, while it was 1.048 W/m-K in the 20% bentonite mixture. In
other words, when considering the additive-free samples, the thermal conductivity value
decreases with increasing bentonite percentage in sand—bentonite mixtures. Considering the
effects of tincal additive on the thermal conductivity values of sand—bentonite mixtures, when
5%, 10% and 15% tincal additives were added into the 90S-10B mixture, the thermal
conductivity values were 1.118, 1.240 and 1.417 W/m-K in the samples. When 5%, 10% and
15% tincal additives were added into the 80S-20B mixture, the thermal conductivity values
were 0.844, 1.041 and 1.489 W/m-K in the samples.
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Table 4. Thermal conductivity of sand-bentonite mixtures in the presence of tincal

Sample Tincal Thermal Conductivity
(%) (W/m.K)

0 1.450

10% 5 1.118
Bentonite 10 1.240
15 1.417

0 1.048

20% 5 0.844
Bentonite 10 1.041
15 1.489

Measurement results indicate that the lowest thermal conductivity coefficient (0.844 W/m-K)
was found in the 5T-76S-19B sample while the highest value (1.489 W/m-K) was measured in
15T-68S-17B sample. On the other hand, the thermal conductivity value increased
proportionally when the amount of boron additive was increased from 5% to 15%. In the 20%
bentonite group, the lowest value (0.844 W/m-K) was measured in the sample with 5% tincal.
This result showed that the thermal conductivity coefficient could be decreased by 19.5% with
the addition of 5% tincal in the sample group containing 20% bentonite.

Examining the effect of tincal in both main groups, the tincal additive decreased the thermal
conductivity values in the 90S-10B mixtures, while it first decreased the thermal conductivity
values in the 80S-20B mixtures, but a thermal conductivity value higher than that of the
additive-free sample was obtained with the addition of 15% tincal. The increase in thermal
conductivity is about the fine content increment in the mixture. It should be noted that the
optimum boron mineral content is 5%. The Figure 5 shows the relationship between the
moisture content and thermal conductivity of the samples.

As water content increases, the air in the voids replaces with water. It is known that the thermal
resistivity of air (about 4000 K-cm/W) is higher than that of water (about 165 K-cm/W). When
more water is added to the soils, there is a thin water film formed around the particles which
allows the transfer of heat more easily. According the results of this study, as water content
increases, the thermal conductivity of the samples increases. The Figure 6 shows the
relationship between the dry unit weight and thermal conductivity of the samples. The results
have shown that as dry unit weight increases the thermal conductivity value increases almost
linearly. As dry unit weight increases, the contacts between the samples increase [5]. Therefore,
the thermal conductivity increases as well.
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Figure 5. The relationship between the moisture content and thermal conductivity
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4. CONCLUSIONS

The thermal conductivity values of the 10% bentonite-sand and 20% bentonite-sand samples
were determined in the presence of tincal. Generally, the thermal conductivity values of the
10% and 20% bentonite-sand mixture decreased in the presence of tincal. The results have
shown that as dry unit weight increases the thermal conductivity value increases. In some
projects, the thermal conductivity of the soil is high and in some projects it is desired to be low.
It can be concluded that according to the desired value tincal addivite can be used as a
temperature resistance increasing admixture.
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ABSTRACT

The effect of under/after high temperature conditions on the thermo-mechanical behaviour of
different rocks is extremely important issue for several engineering applications. Changes in
the properties of rock after undergoing high temperature may affect stability and even induce
engineering disasters. In General, the scope of high temperature ranges from normal
temperatures (10-50 °C) to high temperatures (1000-1500 °C). Temperature is one of the key
factors that influence the microstructure, the physical and mechanical properties for variety of
rocks as Granite, Sandstone, Limestone, Mudstone, Marble and Diorite. A review study for
vast majority of previous experimental investigations was carried out for some mechanical,
physical and thermal properties of rocks, including deformation modulus, Poisson’ s ratio,
tensile strength and compressive strength all vary considerably with increasing temperatures.
Therefore, the results of experimental studies indicated that, behavior of rocks that exposed to
high temperatures is different from those under normal temperature conditions. It has been
known that rock strength and deformation modulus generally declined with the elevated
temperature, especially beyond a certain temperature. Moreover, new correlations for the
uniaxial compressive strength (UCS) with Tensile strength (TS) and for Young’s modulus
(Es) with uniaxial compressive strength (UCS) due to the elevated temperatures for different
types of rocks were presented.

Keywords: Experimental Investigations, Thermal Effect, Behavior of Rocks.

1. INTRODUCTION

The impact of thermal effect on rocks is a topic of growing importance in geotechnical
engineering because of its relevance to several engineering applications such as hot dry rock
(HDR), deep geological disposal of nuclear waste, (Granitic rocks such as granite and diorite
are a widely acceptable site for nuclear waste disposal and are also main rock types of HDR
reservoir) (at temperatures which generally vary from 100 to 300 -C and will rise over the
storage interval), geothermal energy resource extraction, solar heating of rock monuments and
buildings, Fires in tunnels, mines and buildings and underground coal gasification (UCG).
(Sellin and Leupin 2013; Verma et al. 2015), (Brown et al. 2012; Gelet et al. 2012), (Burton et
al. 2006; Otto and Kempka 2015). The process of underground coal gasification (UCG) is
based on in situ, sub-stoichiometric coal combustion for production of a high-calorific
synthesis gas, which can be applied for electricity generation. Fig. 1 presents a schematic
view of the in-situ coal gasification principle.
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However, UCG can induce impacts such as high thermal effects on the surrounding rocks of
the coal layer. Temperatures above 1,000 °C can be achieved in the UCG reactor and its close
vicinity (Otto and Kempka 2015). The impact of high temperature on the physical and
mechanical properties of rocks has been largely investigated using laboratory studies since the
1970s over the last several decades. (Francois, 1980; Bauer et al., 1981; Paquet et al., 1981;
Heuze, 1983; Hirth and Tullis, 1989). Exploration of geothermal activities has posed new
challenges for geotechnical engineers to counter rock engineering problems at high
temperatures. Laboratory testing is an important aspect of rock mechanics, which provides
essential input data for the design of engineering structures in the Earth’s crust and mantle
subjected to tectonic forces. Heuze, 1983; Wang et al., 2002; Dwivedi et al., 2008; Xu et al.,
2008).

electrioty § A
p'oductn_m' CO, separation Y
and gas processng §

g production
well

Fig. 1. Principle of in situ coal gasification method (Otto and Kempka 2015)

In the case of a high-temperature impact on rock, an additional factor which influences its
strength is the thermal expansion of minerals included in the composition of the rock. The
temperature induces micro cracks due to the different natures of the constituent minerals
(intergranular). These cracks are due to the different expansion coefficients of the component
minerals as shown in Table. 1, causing a differential expansion, generating internal stresses
resulting in the creation of cracks in the transition phase between components. When
temperature changes occur in a very short time, intergranular cracks occur by another
different process than the previous ones: high temperature gradients in the material. These
temperature gradients act by amplifying the differential dilation effects by different
coefficients of expansion, which causes volumetric increase, and thermal crack opening.
(Jansen et al., 1993). Moreover, chemical changes take place, the result of which is
polymorphic transformation, melting and the disappearance of certain minerals in rocks
(Dengina, Kazak, Pristash 1993; Pinifiska 2007; Matkowski, Skrzypkowski, Wu et al. 2013).

Table. 1: Linear thermal expansion coefficients for rock minerals (Siegesmund et al. 2011)

Linear thermal expansion coefficient

Mineral Parallt[akl('g?]c-axis Perpendir[:lgl_?]r to c-axis Temp. range [°C]
Calcite 251 x 10° -5.6 x 10° 0-85
Dolomite 25.8 x 10° 6.2 x 10° 24-700
Quartz 7.7 x 105 13.3 x 10°® 0-80
Albite 10.5 x 10°° 5.6 x 10 25-970
Gypsum 54 x 10°% 7-117 x 10® 25-42
Micas 8.7 x 10 17.8 x 106 unknown
Clay 6 x10° 15 x 10°® 25-350
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Based on the characteristics of the axial stress-axial strain and axial stress-lateral strain
curves of uniaxial compression tests, Hoek and Bieniawski (1965) found that the crack
propagation process of brittle materials consists of three main stages: (1) crack of pre-existing
micro-cracks closure followed by an elastic region; (2) crack initiation followed by a stable
crack propagation region; (3) crack damage followed by unstable crack propagation until
ultimate failure. Brittle to plastic transition in response to increasing temperature has been
studied for different types of rocks.

Tullis and Yund (1987) studied the Brittle to plastic transition in response to increasing
temperature for different types of rocks. Xu et al. (2008) had used different temperatures
ranging from room temperature to 1200 °C for different granite samples. The results showed
that the phase-changing behaviour of brittle—plastic transition appears around 800 °C and the
mechanical properties of samples did not significantly vary before that.

Moreover, a mix trend of the maximum unconfined compressive strength of the granite rocks
with the elevated temperature was appeared until it reaches 8000C; the trend significantly
decreases after that. The normalized elastic modulus decreases with the elevated temperature
as shown in Fig. 2.
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Fig. 2. Stress -strain curves of rock after high temperature (Data from Xu et al., 2008).

The experimental procedures of ‘‘after/under high-temperature treatment’’ in the reviewed
references are basically identical, taking into account heating the samples at a certain rate to
prevent occurring heat shock in the rock samples under atmospheric pressure in a furnace
until a predetermined temperature is reached. Then, the temperature is maintained for a given
period (several hours), followed by cooling down the samples in the furnace chamber or under
normal ambient conditions (room temperature cooling). Varieties of Lab. Tests were
conducted on rock samples either under or after high-temperature treatment. The detailed
testing parameters for each reference reviewed are summarized in Table 2.

2. VARIATIONS OF MECHANICAL PROPERTIES

Normalized values of bulk density, elastic modulus, passion ratio, compressive strengths and
tensile strengths for different rocks at various temperatures were collected from literature.

2.1. Bulk Density (Y)

Unit weight of rocks declines with raising the thermal effects on rock samples from the room
temperature to the high temperature due to volumetric expansion of the constitution minerals
and mass loss of rock sample (Otto and Kempka 2015).
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Fig. 3 shows the variation of normalized bulk density versus temperature up to 1000 °C for
different sandstone samples, the decrease of sandstone samples density is slightly little
compared with initial room temperature. Only above 1000 °C a significant decrease is
noticed.

Table. 2: Testing parameters of thermal effects

References Testing Heating rate {°C/ Constant temp, pericd  Cooling down Sample size® Sample

ype” minj ih} WILYS D= H shape
Under 15 = = 50 = 100 Cylinder
al Aler i 2 F 30 = 1K Cylinder
de Pater and Wolf Under u u - 40 = 80 Cylinder
{19092y
Hajpdl and Tonsk Adier € f F 40 % 80 Cylinder
(1995)
Lon (2009) Aler 5 1 F 36 = Bl Cylimder
Meng et al. (2006) Under u - - 25 % 50 Cylinder
Qin et al, (2008) After 5-10 | F 50 = 50 Cube
Rao et al. (2007) Under 30 2 - 30 = 50 Cube
Bo et al. (200H) Atter 1 4 F S0 = 100 Cylinder
Wa (2007) After 30 5 F 50 = 40 Cylinder
Wu et al, (2005 Unier u 05 - 50 = 100 Cylinder
Wu et al (2 Afer u | F S0 = 10 Cylmder
Wu et al, (2(K)7 After 5 E 30 = 1N Cylimder
¥in et al. (2008) After n 5 F 50 = 10 Cylinder
Adter LV} 4 F 50 = 100 Cylinder
Undker u fr - 50 = 50 Cylinder
Under 1M 2 - M) w45 Cylinder
After an & F 50w« 100 Cylinder

Samples were cooled down in the furnace chamber ‘F’, or under normal ambient conditions
‘A’ the unit is mm, D is short for diameter and H for height

2.2. Uniaxial Compressive Strength (UCS)

UCS is one of the most important parameters reflecting the basic mechanical properties of
rocks. It is extremely essential in the fields such as rock mass classification and development
of rock and rock mass failure criteria (Jaeger et al. 2007).

The trend of UCS change is complex due to the variety of minerals compassion in different
rock samples at elevated temperatures, although it is more likely to decrease with increasing
temperature in almost cases.

Ll + Cz5 Lan 2009

< J2§ Wu and Liu 2008
PdS Wang and Li 2008

0.9} a ® SS Yinetal. 2011

P/ Pe

08

0.7 t

0.6 —— e
0 200 400 600 800 1000 1200
T(°C)

Fig. 3: Variation of normalized bulk density versus temperature for different sandstone
samples (Tian et al., 2012)

Numerous experiments in literature have shown that apart from the temperature, acting
pressure is also significant in the change of rock strength parameters. Ferrero and Marini
(2001) tested 15 samples of two types of marble which were previously heated to
temperatures up to 600 °C and later cooled applying a very low gradient of temperature.
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Koca et al. (2006) studied nine samples of intact marble, under different temperatures
observing important descents of the rock strength. These authors also tested five rock samples
obtained from building elements previously exposed to fire (subjected to an estimated
temperature of 500 °C) using temperatures from room temperature to 300 °C which caused a
very high elastic modulus decrease beyond 200 °C. A noteworthy aspect in the work from
Koca et al. (2006) is that the uniaxial compressive strength of the material exposed to 500 °C
and then cooled to room temperature exhibits very similar uniaxial compressive strength
values than the intact material tested at 500 °C.

Rao et al. (2007) tested eight sandstone samples and observed a strong initial increase of
resistance to 250 °C, and then a decline to 300°C, however at this temperature, resistance is
138% higher than the initial. Ranjith et al. (2012) tested sandstones until 950 °C obtaining
different results than in other works, highlighting the significant increase in strength with
temperature, reaching 180% of the initial strength at 600 °C, then lowering until the
maximum test temperature is reached, remaining above the initial strength.

Sygata et al. (2013) introduce the changes in the values of uniaxial compression of several
types of rocks, subjected to high temperatures. Liu and Xu (2014) discovered the threshold
temperature is 400 °C. They found granite UCS changes slightly from room temperature to
400 °C, but dramatically decreases with temperature from 400 °C onward, by means of testing
on granite sample after high-temperature treatment.

Shao et al., (2015) studied the Fracturing behaviour of Australian Strathbogie granite test
specimens such as the crack propagation at high temperatures up to 800 using electron
microscopy scanning (SEM) and unconfined strength test. Specimens were heated at a rate of
5 °C /min with a 1 h holding period before testing. The results of stress—strain and SEM
reveal that the failure modes of Strathbogie granite specimens changed from brittle fracturing
to quasi-brittle shear fracturing and eventually to ductile failure with increasing temperature.

Fig. 4 graphically summarizes the all previously described results. The results show that a
mixed trend in the values of the normalized UCS q / go, where qo is the value of the UCS at
the room temperature= 25 °C in all cases with the elevated temperature generally occurs until
reaches to 800 °C, after that steeply decreases.

i Rock Type Reference
==fp==Sandstone Ferrero et al. (2001-2)
=== Sandstone Wu et al., (2005]
==—p==Sandstone Rao et al, [2007)
=ifiemm Sandstone Zhang et al. (2009)
=i Sandstone  Ranjith et al (20132)
== Sandstone Koneriowskiet al. (2012)
-Sandstone Wu et al, (2013)
Indian Granite Dwivedi (2008)
+«fl-+ Granite Xu et al. (2009)
.« Granite Chen et al,, (2012)
Granite Nordlund et al, (3014)
------ Granite Shao et al, (2015)
=@ Marble Ferrero et al. (2001-1)
-4 Marble Zhang et al. {2009)
—& Marble Kocaetal (2012)
Mudstone Zhang et al. (2013)
- = Limestone Maoetal (2009)
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i
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Schist Mordiund et al,, (2014)

Tempreture °C

Fig. 4: Variation of normalized UCS for different types of rocks versus temperature Data
from (Brotons et al., 2013) and (Sygata et al. 2013)
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2.3. Young’s Modulus and Poisson’s Ratio (Es and v)

Elastic properties of isotropic rocks are determined by Young’s modulus and Poisson’s ratio.
This is the factor of proportionality between stress and the corresponding elastic strain.
Similarly, as strength, elasticity of rocks depends mainly on the elasticity of composing
minerals, the density, porosity and other factors.

Young’s modulus is determined for the entire height of the sample or at a center section as the
tangent of the angle of inclination to the x-axis of the straight line approximating the post-
failure curve in the ascending part of the stress-strain characteristics of compressed rock
sample or as a tangent of secant inclination (Bukowska 2012). Changes of the value of
Young’s modulus of selected rock subjected to heating at various temperatures. In the case of
granites studied by Chen et al. (2012), to a temperature of 400°C, Young’s modulus is
generally not changed significantly.

For samples heated at higher temperatures there was a sharp decline in the value of Young’s
modulus, reaching a temperature of 1000°C, only 10% of the value obtained at room
temperature. Some rocks exhibit a clear decrease in elastic modulus at elevated temperatures,
while some rocks firstly experience a slight increase within a certain temperature range (from
25 to 200 °C). But for all rocks, elastic modulus will finally decrease to a much lower level
after critical temperatures equals to (600 °C).

Fig. 5 graphically summarizes the all previously described results. (Yang et al. 2017)
presented the variation of Poisson’s ratio versus temperatures for different granite samples.
Poisson’s ratio reduces slightly with raising the temperature between 50 °C and 400 °C. He
mentioned also that this trend is not yet profound due to limited available experimental data
beyond 600 °C and might be different for the variety types of rock.

Brotons et al. (2013) introduce Poisson's ratio values for calcarenite stone samples before and
after the specimen heating obtained by ultrasonic propagation velocity tests. This parameter
decreases inversely proportional to the temperature. Fig. 6 graphically summarizes the all
previously described results.
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Fig. 5: Variation of normalized Young’s modulus for different types of rocks versus
temperature Data from (Brotons et al., 2013) and (Sygata et al. 2013)
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Rock Type Reference
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Fig. 6: Variation of normalized Poisson’s ratio for different types of rocks versus temperature
Data from (Brotons et al., 2013) and (Yang et al. 2017)

2.4. Tensile Strength (TS)

Almost different types of rocks, tensile strength parameter (TS) declines with increasing the
temperature, especially after 400°C where the decreasing rate will become much higher.
(Dwivedi et al., 2008) presented Variation of normalized tensile strength of granite samples
versus different temperature up to 1200 °C.

(Roy and Singh, 2016) showed that the decrease of tensile strength of granite is negligible
below 250 °C. (Liu et al., 2016) study falls in the context of underground coal fires (UCF).
The objective of the research is to experimentally characterize the change in mechanical
behavior using tensile strength test of two Australian mudstone rocks when subjected to
temperatures up to 1200 °C for 24 hours.

Results show that, when the heating temperature increases, the normalized tensile strength
significantly decreases. (Tian et al., 2015) presented the values of normalized tensile strengths
for different sandstones samples. Similar to the relations of normalized tensile strengths with
temperature, the values of normalized tensile strengths can also be increasing, decreasing or
remain constant with temperature up to a certain temperature which may be about 500 °C for
most sandstone samples.

Fig. 7 graphically summarizes the all previously described results. It is generally accepted that
elastic modulus and strength of rocks decrease with increasing temperature. Experimental
results in the literature have indicated that the nature of changes of the strength properties
with increasing temperature is not consistent for all the rocks. Below 500-800 °C, the trend of
strength with temperature can be increasing, decreasing or unchanged.

Above that, a decreasing trend is always observed due to the variety of minerals compassion,
initial micro-cracks for different rocks and experimental conditions Tian et al. (2015). Rao et
al. (2007) reported that increase in the strength and mechanical properties of rocks from 20°C
to 400°C due to the free moisture content in rock and the applied heat reduced the moisture
content, thereby making the rocks to be stronger.
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Fig. 7: Variation of normalized tensile strength of rock samples versus different temperature
Data from (Tian et al., 2015), (Dwivedi et al., 2008) and (Liu et al., 2016)

3.1. Relation between the Uniaxial Compressive Strength (UCS) and Tensile Strength
(TS) with the Elevated Temperatures for Rocks

To develop a new correlation between UCS and TS with the elevated temperatures for
different types of rocks, comparisons of vast majority of previous experimental investigations
were reviewed.

Fig. 8 shows the ratio between the uniaxial compressive strength (UCS) and Tensile strength
(TS) for rocks versus different temperature Data from (Tian et al., 2015), (Dwivedi et al.,
2008) and (Liu et al., 2016).

The results show that at the room temperature the ranged of the correlation between the
uniaxial compressive strength (UCS) and Tensile strength (TS) was between (7 to 15) % for
different rocks.

This coloration sharply decreases with the elevated temperature, until the temperature reach
1000 °C the correlation finds to be from 9 to 2%.

3.2. Relation between the Young’s Modulus (Es) and Uniaxial Compressive Strength
(UCS) with the Elevated Temperatures for Rocks

The uniaxial compressive strength and static Young’s modulus Es of intact rocks are the most
important geotechnical parameters for stability analysis of surface and underground
structures. These parameters are obtained by the uniaxial compressive test.

Fig. 9 shows the ratio between the Young’s modulus (ES) and uniaxial compressive strength
for rocks versus different temperature Data from (Tian et al., 2015), (Dwivedi et al., 2008)
and (Liu et al., 2016).

The results show that at the room temperature the ranged of the correlation between the
Young’s modulus (Es) and uniaxial compressive strength was between (15 to 35) % for
different rocks. This coloration sharply decreases with the elevated temperature, until the
temperature reach 1100 °C the correlation finds to be from 13 to 5%.
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Fig. 8: Ratio between the (UCS) and (TS) for rocks versus different temperature Data from
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Fig. 9: Ratio between the (Es) and (UCS) for rocks versus different temperature Data from
(Tian et al., 2015), (Dwivedi et al., 2008) and (Liu et al., 2016)

4. CONCLUSION

The presented reviewed data are expected to support analytical calculations and numerical

simulations of thermo-mechanical processes for different rocks. Based on the extensive

review on mechanical rock properties during and after high-temperature treatment, the
following conclusions are drawn:

- The decrease of rocks samples density is slightly little compared with initial room
temperature. Only above 1000 °C a significant decrease is noticed.

- The trend of UCS change is complex at the elevated temperatures, although it is more
likely to decrease with increasing temperature after (500 °C to 800°C) in almost cases.

- A mixed trend for normalized elastic modulus and normalized tensile strength were
obtained up to about 500 °C. Beyond the temperature, normalized elastic modulus and
normalized tensile strength decrease with increasing temperature up to 1000 °C.

- Poisson’s ratio reduces slightly with raising the temperature between 50 °C and 400

- The coloration between the uniaxial compressive strength (UCS) and Tensile strength (TS)

sharply decreases with the elevated temperature, until the temperature reach 1000 °C the
correlation finds to be from 9 to 2%.

- The coloration between the Young’s modulus (Es) and uniaxial compressive strength was
decreases with the elevated temperature, until the temperature reach 1100 °C the
correlation finds to be from 13 to 5%.
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ABSTRACT

Ground borne vibrations generated by construction works, vehicle traffic and machines have
begun to create problem to dwellers and environment with rapid urbanization. Isolation of the
source or wave barriers is commonly preferred by engineers to reduce the effect of those
vibrations. In the present study, isolation performance of open and rubber chip filled trench are
investigated by numerical modeling.

The vibration isolation performance of trench type wave barriers is assessed based on those
measurements. As a result of the assessment, it is determined that the trench depth and vibration
source working frequency are the main parameters affecting the efficiency of wave barrier.
Besides, numerical analyses show that the isolation performance decreases as away from the
trench. Moreover, even though open trench is more effective on reducing ground borne
vibrations, as the normalized trench depth increases isolation performance of rubber chip filled
trench barrier approaches the performance of open trench barrier.

Realistic scale study is modeled and validated by using finite element method for making a
parametric study. Numerical analyses are applied for different source working frequencies to
clarify the effect of normalized trench depth on isolation efficiency of trench type wave barriers.

Keywords: Vibration Isolation, Wave Barrier, Wave Propagation, Rubber Chips. Attenuation.

1. INTRODUCTION

The concept of isolation is obstructing these propagated waves within the soil medium before
they reach isolated region. Obstruction in a soil medium can be achieved through creating a
discontinuity in the wave path using a wave barrier; where the wave loses the accessibility to
isolated region. Filled-in wave barriers and open trenches are the direct application of screening
vibrations in soil mediums. This study concentrates on studying the screening efficiency of
open and rubber chip-filled trenches numerically.

In this study, a series of numerical analyses for the vibration-to-trench system have been
performed using Quake/W software. The analyses are done considering open trenches and
filled-in rubber chips wave barriers. The main goal of performing those analyses was to make
an initial evaluation for the benefit of conducting such experiments using a rarely-used material
in field which are rubber chips.
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2. NUMERICAL ANALYSES

In favour of verifying and validating the numerical analysis of results, series of analyses have
been performed regarding the case of open trench for a frequency range of 10-100 Hz. The
obtained results were compared with results of other experimental studies including the Toygar
[6]. Procedure of modelling started with defining two systems of definition; first system
simulates the static case of the profile, which means before starting motion. The second defining
system expresses the dynamic case after starting the vibration motion. Thereafter, the analysis
started for each frequency separately; starting by 10 Hz and ending with 100 Hz. The analyses
are performed for the case of no trench and open trench. The numerical model is given in Figure
1.

Figure 1. QUAKE/W 2D Numerical model

Figure 2 shows the variation of amplitude reduction ratio with normalized depth for open trench
isolation. Amplitude reduction ratio is defined as the ratio of amplitudes before and after
isolation and normalized depth is the ratio of trench depth to Rayleigh wave length. Obtained
results of the open trench numerical analyses were found consistent with the experimental
studies of Wood [4], Alzawi & EI nagger [3], Haupt [1], and Toygar [6]. Herein, further
numerical modelling and analyses regarding a rubber chip-filled trench have been performed.
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Figure 2. Comparison of Numerical analysis with some experimental studies.
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3. RESULTS

The numerical analysis regarding the rubber chips-filled trench has been performed after
validating the model for the open trench case. Results obtained for the rubber chip-filled trench
case were drawn in a graph to evaluate their efficiency (Figure 3).

RUBBER CHIPS-FILLED TRENCH
0.90
0.80 X
0.70
0.60
0.50
0.40
0.30

0.20

AMPLITUDE REDUCTION RATIO

0.10
0.00

NORMALIZED DEPTH

Figure 2. Efficiency chart of the rubber chips-filled trench Numerical analysis.

Based on obtained amplitude reduction ratios variations with respect to normalized depth of
trench, it is found that both open trench and rubber chip-filled trench provide good levels of
vibration isolation majorly. Furhtermore, vibration isolation efficiencies of open trench and
rubber chip-filled trench vary with respect to excitation frequency and distance.

Results also show that for a normalized depth of D =1 (see Figure 3), a kind of isolation
optimization occurs; where the amplitude reduction ratio reaches its minimum limits. This
expresses a high isolation level exceeds 75%. Herein, an initial recommendation value for
preliminary design of rubber chips-filled trench is suggested to be D = 1.

4. CONCLUSION

The main purpose of the current study is to investigate —numerically- the efficiency of rubber
chips (shredded tyres) as vibration isolation fill-in material for wave barriers. Besides, the study
targeted evaluating the vibrational screening efficiency of open trench wave barriers.

In the analysis, vibrations have been generated at different levels of intensity in order to
generate multi frequencies 10 Hz - 100 Hz. This range is repeatedly produced by highway
traffic, railways, and construction activities (piling, excavating, etc.).

The major findings of the analyses were as follows:

-The amplitude reduction ratios obtained from the case of open trench have had a good
consistency with the published experimental studies.

- Rubber chips are abundant, easy to handle, sustainable, and effective isolator when filled-in
trenches for the sake of isolating soil mediums against vibrations. From technical point of view,
rubber chips provide good vibration isolation for normalized depths close to one.
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ABSTRACT

The buckling of steel pipe piles during vibratory driving is numerically studied using the Multi-
Material Arbitrary Lagrangian-Eulerian (MMALE) method. This method handles the large soil
deformations that occur during pile driving and other geotechnical installation processes. The
Mohr-Coulomb and an elastic-perfectly plastic material model are used to model the soil and
the pile mechanical behavior, respectively. The result of a small-scale pile driving experiment
is used to validate the numerical model. The penetration trend agrees well with the experimental
measurements. Thereafter, four case scenarios and their possible effects on pile buckling,
namely the presence of heterogeneity in the soil (a rigid boulder inside the soil) and the
existence of geometrical imperfection modes in the pile (ovality, out-of-straightness, flatness)
are investigated. This study shows that a combination of local and global buckling initiates at
the pile tip and the pile shaft, respectively. During the initiation of buckling, a decrease in the
penetration rate of the pile is observed compared to the case where no or minimal buckling
occurs. It is shown that a less portion of the driving energy is spent on the pile penetration and
the rest is spent on other phenomena such as buckling, resulting in less pile penetration. The
cross section of the pile tip after buckling takes a form of a “peanut”, yet with a different
geometry for each case. In cases where the model was initially symmetric, an asymmetric shape
in cross section of the pile tip was obtained at the final stage which can be attributed to complex
soil-structure interaction. The results of the numerical approach provide promising results to be
used as an evaluation tool to reach reliable predictions in pile installation practice.

Keywords: Pipe-Pile Buckling, Imperfection, Pile Installation, Soil-Structure Interaction,
Multi-Material Arbitrary Lagrangian-Eulerian, Large Deformations.

1. INTRODUCTION

One of the dominant pile failure modes is pile buckling where a sudden increase in pile
deformation is observed. Buckling usually occurs in slender structures subjected to an axial
compressive force as a mechanical instability. It is mostly investigated in the field of structural
and mechanical engineering but not thoroughly in geotechnical engineering. The focus of this
study is the evaluation of pile buckling during the installation process of the pile. Several
scenarios are considered such as the presence of heterogeneity in the soil and penetration using
initially imperfect piles.
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In the literature regarding pile buckling, the support condition of the pile is idealized, i.e., the
pile is considered either with no lateral supports or as completely embedded (“wished-in-
place”) without simulation of the installation process. However, as the pile penetrates during
installation, lateral support from the soil evolves because of its particular nonlinear, path-
dependent mechanical behavior. Therefore, the pile can be divided into two distinct parts with
different buckling characteristics, namely, an embedded part and an upper part which is not yet
laterally supported. The motivation of this study is to investigate buckling during the installation
process under semi-embedded pile condition which is frequently observed in offshore
geotechnical engineering.

Conventionally, buckling is classified into two main groups: Global buckling and local
buckling. In global buckling, the pile deforms somewhat similar to the Euler’s buckling
problem mainly due to an instability associated with the axial load and the pile as a whole. In
local buckling, on the other hand, significant permanent deformations occur in the cross-section
of the pile with no direct correspondence to an overall instability [1].

The global buckling phenomenon in geotechnical engineering design codes for pile
performance is characterized by defining a critical stress/load depending on the slenderness
ratio (Length/radius of gyration) and structure stiffness as well as the soil stiffness [1]. In
contrast, the local buckling is generally characterized as localized damage which is often
encountered at the pile tip (so-called pile tip buckling) and can occur at any stage of driving to
the pile. Several reasons are suggested in the literature for the local buckling including initial
pile imperfection, soil heterogeneity, induced forces from the soil, etc. Increased driving
resistance, pile deviation from its longitudinal axis, and different pile response against lateral
loads are some of the effects of the local buckling [2].

The local or pile tip buckling was observed in several offshore practices such as the pile
installation project is the Goodwyn-A platform construction project in Australia. It was reported
that the occurrence of local buckling caused many piles to fail during installation [3].

Due to many challenges to evaluate the pile installation on-site, the numerical simulation of
such processes has gained attention during the last decades. However, the simulation of pile
installation has posed several challenges, which generally involve large deformations and
material flow when conventional numerical methods are used.

In this study, a robust numerical approach is suggested facilitating the study of pile buckling
during installation in the soil. By using this method, the occurrence of local buckling can be
observed due to various scenarios such as initial pile imperfection. To the best knowledge of
the authors, numerical evaluation of buckling behavior of perfect or imperfect piles during
installation in soil has not been extensively studied in the literature.

The structure of the paper is as follows: in section 2, a brief description of the employed
numerical method, the developed numerical model, as well as its validation against the
experiment is presented. In section 3, the results of the different scenarios are shown and
discussed. The concluding remarks are presented in section 4.

2. METHODOLOGY
2.1. Description of the MMALE method

Pile installation belongs to the group of large deformation problems, the numerical analysis of
which via the conventional numerical approaches is often challenging [4]. Concerning methods
which are capable of handling such problems, one of the most promising approaches is the
Multi-Material Arbitrary Lagrangian-Eulerian (MMALE) method [5].
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The general strategy of MMALE is to generate a mesh not necessarily aligned with material
boundaries. Therefore, a number of so-called multi-material elements might be present holding
a mixture of two or more materials. A zone free of any material known as the void zone with
neither mass nor strength must be introduced in the mesh. Such zones are essential for non-
Lagrangian calculation step to capture material flow into initially unoccupied (i.e., void) regions
of the physical space. After one or several Lagrangian steps are performed, a new arbitrary
mesh is developed which may not be identical to the initial mesh configuration
(rezoning/remeshing step). Subsequently, the solution is transported from the previous mesh to
the new mesh (remapping/advection step). The sub-steps are not performed in parallel but in a
sequential routine using the operator-splitting technique [5], [6].

Despite its popularity in fluid dynamics and computational physics, the MMALE application
in geotechnical problems is limited. A series of works conducted by Bakroon et al. [7], [8]
assesses the capabilities of MMALE in the simulation of complex large deformation problems.
Compared to classical Lagrangian methods, the MMALE showed promising performance.

2.2. Soil-Structure Interaction

The penalty contact scheme is employed in the numerical model where the momentum is
maintained [9]. The contact force is measured based on the arbitrary penetration of the parts.
This is considered by adding a penalty term to the energy equation as follows [10]:

1
= Ep + By + 5 kdu? )

Where E, and Ex are potential and kinetic energy, respectively, k is the spring stiffness
representing the contact interface, and u is the arbitrary penetration of two contact parts.

2.3 Description of the Model

A model based on MMALE formulation is developed, where a pile is installed in the soil using
vibratory force. The model has been developed to back-calculate a small-scale experimental
test at TU Berlin. The model configuration and the load history curve is shown in Figure 1a and
Figure 1b, respectively.

The pile has 1.5 m height, 0.2 m diameter, and 0.005 m thickness. The conventional shell
element formulation with reduced integration point is used. A uniform element size of 2-cm is
assigned. An elastic-perfectly plastic material model based on von Mises failure criterion is
used (see Table 1).

Table 1. General properties of the pile used in benchmark models
Density | Elastic Modulus | Yield Stress | Poisson ratio | Thickness | Radius

p (kg/m3) E (MPa) g, (MPa) v t (m) R (m)
7850 2.1E5 250 0.3 0.005 0.1
Table 2. Mohr-Coulomb material constants for Berlin sand [11]

Density Friction Dilatancy Cohesion | Poisson | Elastic Modulus
p (kg/m?3) angle ¢ angle ¢ c (MPa) ratiov E (MPa)
1900 35° 1° 0.001 0.2 20

For the soil, a mesh with 2 m height and 1 m radius with the one-point integration MMALE
element formulation is generated. A mesh, with varying element width from 0.6 — 8 cm is used
in the horizontal direction, whereas a uniform mesh in the vertical direction with 2.5 cm is
considered. The mesh is filled with the soil up to the height of 1.8 m. The rest is kept as
unfilled/void domain above the soil material to enable the soil to move to this domain after
penetration starts.

111



1st Mediterranean Young Geotechnical Engineers Conference
23-24 September 2019, Mugla, Turkey

The Berlin sand is used with the Mohr-Coulomb constitutive equation parameters listed in
Table 2. The initial stress in the soil is defined with assigning the gravity acceleration as 10
m/s?,
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Figure 1. Schematic diagram of the (a) isometric view of the numerical model configuration
and (b) vibratory load history curve

A penalty contact with a tangential friction coefficient of 0.1 is defined. The pile is fixed at the
top against horizontal movements. Conventional fixities are applied to the soil boundary.

2.4. Validation Against Experimental Results

The proposed numerical model is validated against a small-scale experimental test conducted
at the laboratory of the Chair of Soil Mechanics and Geotechnical Engineering at Technische
Universitdt Berlin (TU Berlin). The test consists of a half-cylindrical pile with 1.5 m length,
0.005 m thickness, and 0.2 m outer diameter place above the Berlin sand. Using pile guides, the
pile is constrained in the horizontal direction. A vibratory motor with the driving force of 1670
N using the frequency of 23 Hz is employed. The mounting parts and the motor weigh about
410 N.

Time (sec)
o 1 2 3 4 5 6 7 8 9

Experiment — TU Berlin
0.2 Numerical model R

0.4

0.6

0.8

Normalized penetration, z/z_

1

Figure 2. Penetration depth vs. time curve obtained from the numerical model and
experimental measurement

A quarter model is developed based on the descriptions in section 2.3, with assuming the pile
acting as a rigid part. Figure 2 shows the pile displacement curve from the numerical model
compared with experimental measurement. Since the focus of this study is to reach the same
penetration trend, the curves are normalized by their maximum value.
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The numerical result is in good agreement with the one measured in the experiment. Initially,
the penetration rate is significant due to less soil resistance and confining pressure.
Subsequently, the confining stress in the soil around the pile skin increases, causing an increase
of the frictional force and thus a decrease in the penetration rate.

The vertical and horizontal stress contours at the designated time during the vibratory loading
is shown in Figure 3. The areas around the pile are disturbed during the installation up to a
distance horizontal distance of 2D, where D is the pile diameter (Figure 3a). In a lateral distance
far enough from the pile, say 5D, the lateral stress in the soil reaches its in-situ value, which
verifies that the boundary distance is far enough from the dynamic source to have substantial
effects. A relatively large vertical stress is noted in the soil under the pile tip until the depth of
4D (Figure 3b). At a depth of about 6D from the soil surface, the stress isolines become almost
horizontal, determining the influence region of the vibration caused by driving which is
reasonably far from the boundary.

(a) Vertical stress l ‘ \(b) Harizontal stress (©)
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Figure 3. Isolines of the induced (a) vertical and (b) horizontal stress in the soil, and (c) the
corresponding loading at 8.98 sec

3. RESULTS AND DISCUSSION

In this section, the pile buckling phenomenon during installation is evaluated by using the
model described in section 2.3. Here, five different scenarios are presented. In the first case, a
model is developed the pile is geometrically assumed perfect. This case is referred to as the
reference model. In addition, three models are developed where the pile initially holds an
imperfection, namely a pile with an oval shape in cross-section, a flat side, and out-of-
straightness. In the last case, heterogeneity is introduced by defining a boulder in the soil. To
reach a more noticeable buckling in the model after a short amount of penetration, a lower
elastic modulus (1% of the one in Table 1) was assigned to the pile.

The comparison criteria are the mean strain, internal energy, and load-penetration curve. The
mean strain is defined as one-third of the strain tensor trace based on the infinitesimal theory.
The internal energy is defined as the work done to induce strain in a unit volume of the shell
part (taking into account the shell thickness). This criterion is used here to evaluate the
accumulated strain in a pile during installation.

In Figure 4a, the vertical displacement of the pile head is plotted against time. In the case of the
reference model, the pile did not exhibit any significant buckling until about 8 seconds of the
simulation or 0.65 m penetration depth.
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Afterward, a localized buckling was observed. The other four models (ovality, flatness,
straightness, and heterogeneity), the final penetration is less than the reference model. Initially,
the penetration rates are mostly identical. In case of heterogeneity, the penetration rate
decreases significantly after it hits the boulder at 1.5 seconds. The final depth of this case is half
of the reference model. After about 2 seconds, the penetration rate of the oval-shaped pile starts
to decrease as well. In the case of the other two imperfect piles, namely the piles with flatness
side and out-of-straightness, the penetration rate decrease at the same time after about 4
seconds.

In Figure 4b, the accumulated internal energy for all cases is plotted. Knowing that the same
driving force was used for all models, one can conclude that the same driving energy is utilized
in all models. According to the energy conservation law, this energy must have been spent on
other phenomena such as additional strains and/or buckling in the pile. Therefore, to assess this
point, the internal energy of each pile, is compared in Figure 4b. The curves in are cut to the
value of 40 J. In case of a further increase in energy curve, a cross sign is replaced. In all cases,
as the penetration curve deviates from the reference model, the corresponding internal energy
of the pile starts to increase considerably. Thus, the remaining driving energy is spent on
buckling. On the other hand, a decrease in the internal energy value is noticed after significant
jumps in some cases which can be attributed to the induced elastic strains in the pile which after
further penetration the pile springs back elastically. The possibility of the occurrence of this
behavior has also been reported by Aldridge et al. [2]. As a result, it can be argued that the
driving energy for the pile installation is reflected in the model in other forms, such as pile
buckling.
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Figure 4. Comparison of the imperfect piles with the reference model based on the (a)
vertical displacement (b) the internal energy

The deformed shape of the pile in length and pile tip section and the mean strain contour plots
are shown in Figure 5. The results correspond to the time stamps, where maximum internal
energy was measured. In the case of the reference model, a minor strain is induced in the pile
which is less than 0.05%. Also, the initial cross-section is maintained during the penetration.

In comparison to the reference model, a relatively significant strain/buckling is induced by the
piles in the models, which is mostly accumulated at the pile tip. This points out the parts where
the pile is damaged. Furthermore, the progressive pile deformation is non-symmetric even for
the case of ovality and reference model where the piles have an initial symmetric shape.
Besides, each model shows a different buckling mode due to the different initial condition.
Also, the cross sections of the pile tip in the studied cases tend to contract in one side direction
and take a so-called “peanut-shaped”. This phenomenon has also been reported in the literature

[2], [3].
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Figure 5. (a) Contours of induced mean infinitesimal strain in the imperfect piles and the
reference model and (b) the pile tip cross section compared to its initial

Concerning the above discussion, the proposed numerical model is shown to consider the
complex site conditions such as the effects of soil resistance, pile imperfection, and
heterogeneity during pile driving. In addition, the model provides reliable measures to assess
pile buckling.

4. CONCLUSION

The focus of this study is to evaluate pile buckling during pile driving taking various complex
conditions into account, such as the presence of heterogeneity in the soil and existence of initial
geometrical imperfections in the pile. To this extent, a robust MMALE numerical approach, in
conjunction with a soil-structure interaction scheme, was used to improve the numerical
analysis of pile buckling during the installation process.

The results are compared to a reference model where the pile has a perfect cylindrical shape
with no heterogeneity in the soil. The buckling modes varied for each scenario. Interestingly,
before the initiation of a significant buckling, a decrease in the penetration rate was observed.
Simultaneously, the internal energy started to increase. This study shows that the driving energy
used for pile driving is consumed on other phenomena such as pile buckling. Consequently,
less penetration will be observed in the case of buckling. The initial imperfection not only
accelerates the buckling process but also changes the buckling mode of the pile.

The presented work focused on a specific area, i.e. pile imperfection and soil heterogeneity.
There are numerous affecting parameters on pile buckling which cannot be summarized in one
study. Following points may also be considered in future works:
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e Evaluation of the effects of varying pile thickness in length on reducing the buckling
e Determination of the occurrence of the plugging during installation
e Evaluation of the pile bearing capacity
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ABSTRACT

Osmosis is known to play a key role in reducing the transport rate of contaminants through the
natural and engineered clay barriers that are used for a number of geoenvironmental
applications, such as the lining of waste disposal facilities. Although a significant body of
experimental research has focused on the quantification of osmotic phenomena in smectite clays
permeated with single-electrolyte solutions, no evidence has been provided about the membrane
behaviour of clays in solute mixtures and, specifically, about the so-called osmotic anomalies
that have been documented in the biological and chemical literature for fine-porous charged
diaphragms in the presence of two or more electrolytes. In view of the similarities between such
fine-porous media and smectite clays, the aim of the paper is to illustrate the physico-chemical
mechanisms that govern semipermeable membrane behaviour in multi-electrolyte systems, and
to identify suitable test conditions for the experimental assessment of the aforementioned
phenomena in clay soils.

Keywords: Anomalous Osmosis, Bentonite-Based Barrier, Landfill Liner, Reflection
Coefficient.

1. INTRODUCTION

Smectite clays (e.g. bentonites), in addition to extremely low hydraulic conductivity values
(< 102 m/s) when permeated with diluted solutions and self-healing properties due to the high
swelling potential, are also able to exhibit semipermeable membrane behaviour, as the transport
of solvent is permitted while the migration of ion species is partially restricted. Clay membranes
have large enough pore sizes to accommodate hydrated ions and, therefore, the selective
restriction of charged solutes cannot be attributed to the steric hindrance, which arises when the
molecules have a larger size than the membrane pores, but should instead be attributed to the
electrical interactions that occur between the ions in solution and the clay particles [1], which
carry a net negative charge as a consequence of the isomorphic substitution of lower-valence
cations for higher-valence cations within the crystal lattice.

Although a conservative assessment of the performance of geoenvironmental containment
barriers that wholly or partly consist of smectite clays can be obtained by modelling pollutant
migration according to the classical advective-diffusive transport theory, natural and engineered
clay barriers are generally able to restrict contaminant migration more effectively as a result of
their semipermeable properties, which lead to the chemico-osmotic counter-advection and a
decrease in the pore volume that is accessible to solute transport [2]. Thus, in view of the
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advantages that arise from the ability to model coupled flow phenomena in clay soils, extensive
research has been conducted over the past few decades in order to gain a better understanding
of the fundamental mechanisms that govern membrane behaviour, which is usually quantified
through the laboratory measurement of the reflection coefficient, w, also known as the chemico-
osmotic or membrane efficiency coefficient [3]. The reflection coefficient of natural clays is
generally considered to vary from zero (o = 0), in the case of the absence of membrane
behaviour, to unity (o = 1), in the case of ideal or perfect clay membranes that are able to
completely prevent anions from entering the pores, even though the range of variation of such
a phenomenological parameter is not restricted to 0 and 1 on a thermodynamic ground [4].
Accordingly, lower values of o than zero (o < 0) are classified as manifestations of “negative
anomalous osmosis”, whereby the volumetric flux of water is directed against the osmotic
pressure gradient under isobaric conditions [5], and larger values of ® than unity (w > 1) are
regarded as manifestations of “positive anomalous osmosis”, which results in the transport of
solutes against their concentration gradients [6].

Most experimental studies concerning the assessment of the reflection coefficient of clays have
been devoted to analysing the extent to which membrane behaviour is affected by the soil
porosity and the salt concentration of the permeating solution [7, 8, 9], the valence of the ion
species and the clay mineralogical composition [10, 11], the effective confining stress [12] and
the degree of water saturation [13]. However, all the aforementioned studies dealt with aqueous
solutions of a single electrolyte, and thus did not account for the influence of the simultaneous
presence of two or more different electrolytes in the pore solution. In this regard, the biological
and chemical literature provides evidence of both negative [14] and positive [14, 15] large
osmotic volume flows under isobaric conditions in electrically charged fine-porous membranes,
which separate aqueous solutions of two electrolytes with different counter-ions (i.e. charge
polarity opposite to that of the membrane) and the same co-ion (i.e. charge polarity equal to
that of the membrane). Yaroshchuk et al. [6] were the first to measure larger values of the
reflection coefficient than unity for a cation exchange membrane, namely a phenolsulfonic acid-
formaldehyde condensation product, which separated two aqueous solutions containing sodium
chloride and hydrochloric acid.

As smectite clays are characterised by the same osmotic properties as the typical ones of cation
exchange membranes, this study has been aimed at discussing the conditions under which clay
soils are expected to exhibit anomalous membrane behaviour, when the permeating solution
consists of a mixture of different electrolytes. The scope of the discussion is therefore to
stimulate further experimental research in order to verify the existence and magnitude of such
anomalous osmotic phenomena, which can be of relevance for many geotechnical and
geoenvironmental applications that deal with pollutant control in the subsoil.

2. TRANSPORT EQUATIONS FOR A SEMIPERMEABLE MEMBRANE

On the basis of pioneering models that were developed to simulate the movement of solvent
and solutes through fine-porous charged diaphragms, such as biological tissues, reverse-
osmosis membranes and polyelectrolyte gels, Dominijanni and Manassero [16] derived the
macroscopic transport equations of a porous medium that behaves as a selectively permeable
membrane by upscaling (i.e. volume-averaging over the capillary cross-section) the Navier-
Stokes equation for the volumetric flux of the solution and the Nernst-Planck equations for the
mass fluxes of the ion species at the microscopic scale. Such an upscaling procedure, which is
equivalent to neglecting the dispersive effect that is caused by the pore-scale fluctuation of the
state variables, yields the following equations:
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where q is the macroscopic volumetric flux of the solution, ke is the hydraulic conductivity at

zero electric potential gradient, yw is the water weight per unit volume (9.81 kN-m®), T is the
hydraulic pressure within the pore solution, x is the position along the macroscopic transport
direction, F is Faraday’s constant (9.6485 C-mol™), § is the electric potential within the pore

solution, zj is the electrochemical valence of the i-th ion species, C, is the concentration of the
i-th ion species within the pore solution, Ji is the macroscopic mass flux of the i-th ion species,
Nm is the soil porosity associated with the conductive pores, D; is the effective diffusion
coefficient of the i-th ion species (D =1, - D), tm is the matrix tortuosity factor, D,; is the
free-solution or aqueous-phase diffusion coefficient of the i-th ion species, R is the universal
gas constant (8.314 J-mol*-K™) and T is the absolute temperature.

As a consequence of the negative electric charge of the solid skeleton, the hydraulic pressure
and the concentration of the ion species within the pore solution are discontinuous with respect
to the corresponding state variables of the external bulk solutions, which are hypothesised to be
in equilibrium with the porous medium at its boundaries. In particular, by combining the
definitions of the electrochemical potentials of the components of both the pore and bulk
solutions with the Donnan equations [16], the pore solution state variables can be expressed in
the following form:

F .
C=cl =cexp|l-z —(0p— fori=1..,n 3
ol =000 2, - (7-0)] ®

U=u—TI+TII (4)

where T'i is the partition coefficient of the i-th ion species, ¢ is the electric potential within the
external bulk solution, c; is the concentration of the i-th ion species within the external bulk
solution, u is the hydraulic pressure within the external bulk solution, IT is the osmotic pressure

within the external bulk solution (IT=RTY_" ¢, ) and I is the osmotic pressure within the

pore solution (IT=RT Zi”:léi ). Smectite clays behave like negatively charged semipermeable

membranes, thus the partition coefficient results to be larger than one for cations (positive
adsorption), while it is expected to range between zero and one for anions (negative adsorption).
The introduced ion partition coefficients can be determined by coupling Equation 3 with the

statement of macroscopic electroneutrality in the pore (T, = Zi":lzifi ), where C,, are the moles
of the solid skeleton electric charge per unit volume of the conductive pores.
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3. REFLECTION COEFFICIENT UNDER CLOSED-SYSTEM
BOUNDARY CONDITIONS

Dominijanni et al. [17] have shown that the test configuration which is commonly referred to
as “closed hydraulic control system” allows a direct measurement of the global value of the
reflection coefficient, wm, to be obtained. Briefly, the clay specimen is interposed between two
compartments through which electrolyte solutions with different chemical composition are
circulated, while the volumetric flux of water is hindered across the soil. When these conditions
are maintained over time, a difference in hydraulic pressure arises between the specimen
boundaries under steady-state conditions, and the measured global value of the reflection
coefficient is therefore given by:

Au
mm B (qu=0;l=0 (5)

where 1 is the electric current density (1 =F Z::lziJi ), and the finite differences are defined

as the values in the first compartment solution, which are denoted by a prime, minus those in
the second compartment solution, which are denoted by a double prime (i.e. Au=u"—u" and
AIT=T1'—11").

By imposing the condition of a null volumetric flux of solution (q = 0), Equation 1 yields the
following relationship:

a_u:a_n_a_H_FESka_@ (6)
OoX OX ©OX OX

where the gradient in the electric potential of the pore solution is obtained by substitution of
Equation 2 in the condition of null electric current density (I = 0):

u « OC,
z.D. !
ap_ R &P o

i i
i=1

(")

For the case in which the clay specimen is in equilibrium with solutions consisting of electrolyte
mixtures, some qualitative conclusions about the conditions whereby anomalous osmotic
phenomena may occur can be drawn directly from Equation 6, by assuming that the partition
coefficients of anions are close to zero (decreased concentrations within the pore solution),
whereas the partition coefficients of cations are much larger than one (increased concentrations
within the pore solution). In fact, if u; represents the chemical potential of the i-th ion species

within the bulk solution, Equation 6 can be rewritten in the following way [18]:
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noi-1 . . o c c
a_u_a_H:n;ZZ:CiFiCij (ZJDJ‘ -z;D, )(Zi i_Zj o, J (8)
ax 5X zzlzclrl DI* i=1 j=l 8X 8X

i=1
As we are here interested in large positive {a_u_a_ng Oj and negative (a_u_é_l‘[g Oj
oX OX oX OX

osmotic anomalies, it should be pointed out that such phenomena are not likely to be observed
if only one cation is present in the solution, regardless of the number of anions that are produced
by the electrolyte dissociation, given that the product I",T"; is small. However, the presence of

at least two cations with the same electrochemical valence (z, = z;) is not sufficient to give rise

to anomalous membrane behaviour, as differences in both the cation mobilities (D, = D;) and

¢ ou .
% # ﬁ] are necessary in the latter case.

the chemical potential gradients
oX  OX

Finally, the integration of Equation 6 over the length of the clay specimen, L, allows a physical
identification of the global reflection coefficient to be obtained:

® = Au _ 1_£ _ngkﬂ (9)
AT ) o1 ATl Al

where the finite difference in the electric potential of the pore solution results to be given by:

A@:——jo %%dx. (10)
> 2%, D; X

Equation 9 allows the different physical mechanisms that contribute to determining the
measured reflection coefficient to be appreciated. In particular, osmosis in clay soils can be

. . : : ATT :
interpreted as the superposition of a true chemico-osmotic component [QC :1—EJ , Which

originates from the electrostatic repulsion of the anions by the negatively charged clay particles,

and an electro-osmotic component [Qe =-FcC, AA_l(‘P[j whereby the gradient in the electric
potential of the pore solution, under null electric current density conditions, builds up in
response to the different diffusivities and electrochemical valences of the migrating cations.

A particularly interesting case is represented by the experimental conditions that were analysed
by Yaroshchuk et al. [6], namely when there are two electrolytes with the same anion and a
difference in concentration of only one electrolyte is established across the porous medium. The
concentration of the second electrolyte, which is referred to as the background electrolyte, is
the same in both of the compartments that are separated by the porous medium. If the absolute
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values of the electrochemical valences of all the ion species are unitary, Equation 3 shows that
the partition coefficients of the two cations assume the same value and are equal to the
reciprocal of the partition coefficient of the common anion. Under the aforementioned
conditions, Equation 10 can be rewritten as follows:

C,(C,+C
) e CE dc, (1)
{Esle+c_:3(Df+D;)+c 1+g:(D; Dl*)}

where cg is the concentration of the background electrolyte within the bulk solution, and the
subscripts 1, 2 and 3 stand for the cation associated with the electrolyte whose concentration is
varied across the porous medium, the cation associated with the background electrolyte and the
common anion, respectively.

The electric potential difference, Ag, can be calculated both numerically and analytically, as
the integrand that appears in Equation 11 can be reduced to a rational function for which, by
definition, an antiderivative always exists. Such a calculation has been performed for the case
of the Wyoming Bentonite tested by Kemper and Rollins [10] at a total porosity n = 0.8 (i.e.
C, =56.25 mM), by assuming that the clay specimen is placed between two aqueous solutions,
which consist of sodium chloride (NaCl) and hydrochloric acid (HCI) mixtures, and that,
alternately, sodium chloride (Figure 1) or hydrochloric acid (Figure 2) represents the
background electrolyte (D, ,, = 1.33:10° m?/s; D,,, =9.31:10° m?/s; D, = 2.03:10"° m%s).

The predicted positive (om up to 1.5) and negative (om down to -0.5) anomalous values of the
reflection coefficient are due to the difference in diffusivity between the Na* and H* ions.

(=]

Reflection coefficient, onm [-]

H—-—-—_
1 10 100 1=10° 1x10*
Background electrolyte concentration, cg [mMM]

Figure 1. Chemico-osmotic (Q2c) and electro-osmotic (£2:) components of the measured
reflection coefficient (om). ¢, =5MM ; ¢/, =20 MM ; C\.c; =Croct = Cs -
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0.8

Reflection coefficient, om [-]

=03 k.

10 100 1x10° 1x10
Background electrolyte concentration, cg [mMM]

Figure 2. Chemico-osmotic (€c) and electro-osmotic (€2e) components of the measured
reflection coefficient (wm). Cy.q =5MM ; Ci., =20 MM ; €\, =C/; =Cg .

4. CONCLUSIONS

The mechanistic model developed by Dominijanni and Manassero [16] has here been adopted
to provide insight into the physico-chemical mechanisms which, at the pore-scale, govern
semipermeable membrane behaviour of smectite clays. In particular, when the clay specimen
is tested under closed-system boundary conditions, the contribution of electro-osmosis to the
measured membrane efficiency coefficient plays a major role for the case of electrolyte
solutions containing two or more cations with different mobilities, whereas the aforementioned
contribution is found to be negligible for single-electrolyte systems. On the basis of the
theoretical predictions worked out in this paper, membrane behaviour in multi-electrolyte
systems can cause both positive anomalous osmosis, which results in a better containment
performance than expected for ideal semipermeable membranes, and negative anomalous
osmosis which, on the contrary, results in a worse containment performance than expected for
non-semipermeable porous media. As far as positive anomalous osmosis is concerned, in
addition to the increased membrane efficiency, the persistency of membrane behaviour also
seems to be enhanced in comparison to single-electrolyte systems, for which the threshold
concentration (i.e. the average concentration across the specimen at which ® ~ 0) was
experimentally observed to be about 200 mM [19].
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ABSTRACT

Slope stability analysis consists of determining the potential slip surface with the minimum
Factor of Safety (FS). Most slope stability software rely on grid or random searches for
identifying the critical slip surface, making thus difficult to pinpoint the exact surface with the
lowest FS. Moreover, such searches have an unnecessarily high computational cost. Heuristic
optimization schemes can be employed to achieve faster and accurate calculation of the
critical FS. This paper presents an application to the slope stability problem of two widely
used optimization algorithms, namely the Particle Swarm Optimization (PSO) and the Genetic
Algorithm (GA). It is shown that PSO is able to achieve an acceptable result in a very short
amount of time for simple slope stability problems. GA is slower, but it has the capability of
avoiding erroneous convergence to local minima in the case of reinforced slopes. Finally, a
hybrid algorithm combining the GA and PSO schemes is considered in order to achieve an
improved computational performance.

Keywords: Slope Stability, Genetic Algorithm, Particle Swarm Optimization

1. INTRODUCTION

The main objective of slope stability analysis is the determination of the Factor of Safety (FS)
characterizing the slope. Current state of practice still relies heavily on the use of limit
equilibrium methods, in which calculations are performed for a number of trial slip surfaces
aiming at determining the slip surface with the minimum (critical) FS. Most slope stability
software perform searches for identifying the critical slip surface that are either completely
random (“brute force” approach) or based on a user-specified “grid” of trial slip surface
geometries. The former spends an unnecessarily high computational effort, as it does not
contain a search strategy and a very large number of random trial slip surfaces needs to be
analyzed to accurately solve the problem, while the latter does not guaranty identification of
the true critical slip surface. Use of modern heuristic optimization methods in slope stability
analysis, such as the particle swarm [1], ant colony [2], genetic algorithm [3,4] or other
evolutionary algorithms, are very promising in both increasing the reliability of critical factor
of safety calculations and reducing the computation cost. Such schemes, unlike gradient
methods, are highly promising as they are known to overcome difficulties stemming from the
presence of local minima. Slope stability problems usually exhibit multiple local minima,
especially in the case of reinforced slopes. This paper compares the performance of the
Particle Swarm Optimization (PSO) algorithm and the Genetic Algorithm (GA), as well as of
a hybrid scheme combining PSO and GA, in the analysis of a set of four typical stability
problems involving unreinforced and reinforced slopes. Limit equilibrium computations are
performed using the method of slices and assuming circular slip surfaces.
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2. KNOWLEDGE BACKGROUND
2.1. Genetic Algorithm

The Genetic Algorithm (GA) is a heuristic evolutionary algorithm introduced by Holland [5]
as a search algorithm for the solution of difficult optimization problems. It is based on the
Darwin’s evolutionary principle of survival of the fittest, with a sophisticated yet randomized
routine. The algorithm starts by randomly creating sets (“individuals”) of values for the
problem variables and breeding those individuals to give each time a next generation. Each
individual of the population is tested to find its fitness level in terms of the validity of the
solution and the magnitude of the resulting objective function value. In the slope stability
problem, the individuals are the trial slip surfaces with their geometrical characteristics being
the optimization variables. In the case of circular slip surfaces, these can be either the center
coordinates (xo, Yo) and radius R or alternatively the x-coordinates of the end-points (x; and
x2) and the inclination of the tangent at the entry point with respect to the horizontal (¢). The
objective function is the FS sought to be minimized.

Subsequently, the individuals are stochastically mutated, i.e. random changes in the elements
of the variable’s vector {X1,X2,6}, or cross-bred, i.e. random exchange of values of variables
between two individuals to create offsprings that hold similarities to both of their
predecessors. The mutation of the population helps avoiding convergence to a sub-optimal
solution by keeping the individuals non-homogenous. After each population mutation and
cross-breeding round, the individuals are re-evaluated in terms of problem constraints and
objective function. This procedure is repeated iteratively until a set of specified stopping
criteria are met (e.g. exceedance of a maximum number iteration loops) . An application of
the sequence of these steps in the slope stability problem is shown schematically in Figure 1.

In a variation of the above algorithm, called elitist genetic algorithm, a group of best
performing individuals (elite group) is separated and stochastic breeding is focused in this
group in order to approach faster the global optimum. The process of random mutations is
nevertheless retained, so that the algorithm does not lose the ability to overcome local
extrema.

GA is a reliable and easy to implement algorithm. However, its evolutionary features are
purely stochastic and, as a consequence, it exhibits slower convergence to the optimal solution
than other evolutionary-social algorithms. In other words, GA will always provide an accurate
estimation of the global best but at the cost of relatively large computational time.

nitialize
population of
slip surfaces

Evaluation of FS
for each slip surface

Termination
criteria met?

Sort population by
FS

Re-evaluation of )

FS’s

Apply elite cross-breeding,
random cross-breeding and
mutations

Figure 1. Flow chart of Genetic Algorithm
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2.2. Particle Swarm Optimization

Particle Swarm Optimization (PSO) is a heuristic global optimization algorithm developed by
Kennedy and Eberhart [6]. As in GA, the method starts by generating random sets of problem
variables (“particles”) and proceeds with optimization by moving these particles in the search
space based on simplified social models, such as bird flocking, fish schooling and the
swarming theory. Each particle has a vector indicating its position P in space and a vector
symbolizing its spatial velocity V (the change of particle position between computation steps).
In the case of slope stability analysis with circular slip surfaces, P={xix2,6} and
V={Ax1,Ax2,AG}. Every particle has also a “memory” of its best position (BP) along with the
global best position (GBP) of the entire population, which both are considered to act as
attractors. At the start of the computations the particle initial velocities are set equal to zero.
Each particle velocity at subsequent steps is set to be directly proportional to the distance of
the current particle position from the global best and the distance from its personal best
according to the following equation:

V0 = Wy P 4 ¢ .rand, - (P —GBP) +c, -rand, - (P — BP) (1)

where rand; and rand. are random numbers in the O to 1 range, and c1 and c; are constants
scaling the “social” and “personal” speed components, respectively, and w is an “inertia”
factor controlling the influence of the current velocity value to that of the next step. The w
may be set to decrease as the number of completed steps increases (a technique often termed
“damping”). Based on the calculated velocity, the new particle position is updated and re-
evaluated with respect to constraints and objective function. This procedure is repeated
iteratively until a set of specified convergence and stopping criteria are met (Figure 2).

PSO is generally capable of finding the global optimum with comparatively less
computational cost than GA because it relies less on chance in solving the problem thanks to
the current global best position acting as an attractor for the other particles. However, the

algorithm may occasionally converge to a sub-optimal solution.

Yes

Initialize
population of
slip surfaces

(“particles”™)

Termination No

Evaluate FS Find global best (current =t
criteria met?

of each slip surface minimum FS)

L Update position of
Update global best Re-evaluate the FS’s each “particle” based
on global best

Figure 2. Flow chart of Particle Swarm Optimization

3. HYBRID ALGORITHM

The algorithms described in the previous sections have their advantages and disadvantages.
The main advantage of the GA is the mutation feature thus has the ability to overcome all
local minima, provided that sufficiently large number of steps and corresponding computation
time are allowed. PSO usually achieves convergence with less steps but it has no guarantee
that it will pinpoint the global and not a local extremum. Researchers have formulated hybrid
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algorithms in the past by combining GA and PSO in order to alleviate the inherent
shortcomings of each of the individual methods [8,9], with the idea of introducing to PSO an
escape possibility from local extrema through random mutations and cross-breeding being
quite appealing.

The hybrid algorithm formulated herein, called Swarming Genetic Algorithm (SGA) in the
reminder, nests PSO loops inside external loops of GA, as shown in Figure 3. The
initialization of the GA population is random. Then a sub-group of specified size of this
population is randomly selected to undergo PSO calculations. The sub-group is subsequently
re-introduced to the overall population, which then undergoes random mutations and cross-
breeding, but also elite cross-breeding. The latter consists of shorting the population
according to the calculated FS values and applying cross-breeding among a number of slip
surfaces with the lowest values of FS. The rest of the population undergoes random cross-

breeding and mutation as in the classical GA.

Yes

Initialize P Random
- i Termination X
population of ]lcEvraIuargloF of Fr? criteria met? selection among
slip surfaces oreach slip surtace ' population
. Apply elite cross-breeding, Apply PSO to
\— Eg;:valuatlon of |, random cross-breeding and f selected
mutations sub-population

Figure 3. Flow chart of Swarming Genetic Algorithm

4. FORMULATION OF THE SLOPE STABILITY PROBLEM

The optimization algorithms are applied herein to slope stability problems solved using the
Bishop simplified method of slices [7], which assumes that the slip surfaces have the shape of
circular arcs. The slopes are assumed to be uniform and of constant inclination g (Figure 4).
According to the Bishop simplified method, in the absence of pore pressures, surcharges and
inertial forces other than gravity, the safety factor is given by:

ZN: Ci I‘i cos a'i + (Vvi + Fi,anchor,y) tan ¢|
— cosa, + tan g sina,
ES 2)

— E . E yO - yanchor,i
z (\Ni + i,anchor,y) sin ai — T'j anchor,x R
i=1

FS

where ci and ¢ are the soil cohesion and friction angle, respectively, at the base of slice i. The
Li, ai and Wi are the base length, the base inclination angle and the self weight with respect to
the horizontal, respectively. Fanchori IS the anchor force applied at the top of slice i. For
simplicity, the anchor heads are assumed to be placed at the central axis of a given slice.

The origin of the system of coordinates is placed at the toe of the slope. The search ranges for
the free variables defining the geometry of each circular slip surface, namely the x-
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coordinates of the entry point (x1) and exit point (x2), and the entry angle (¢), were specified
such that the produced trial surfaces are realistic, thus avoiding waste of computation effort.
The search ranges are [-10H , 0.8xn] for x1 and [xn, max(H/2,3xn)] for x2. For the entry angle
0, the search range is [-45°, ground inclination angle-1°], except for the special case of entry
point on horizontal ground, in which case the range was set to [-45°,-0.1°].

0 (%Yo)

Figure 4. Schematic of slope stability problem assuming circular slip surface.

The sliding mass is divided into slices of thickness equal to 5% of the slope height H, but with
an upper limit of 1m. If a point of change of inclination of the upper (ground surface) or inner
(interface between natural ground and fill) boundaries lies inside the width of a slice, then this
slice is split in two. The same is true if the slice base intersects interface between two
materials.

5. NUMERICAL RESULTS

Four example problems (two unreinforced and two reinforced slopes) are treated with the
three algorithms (GA, PSO, SGA) The problem parameters and geometries are presented in
Table 1 and Figure 5.

Table 1. Parameters of example problems

: Slope angle | Unit weight y | Cohesion ¢ | Friction
Problem Height H (m) 5 () (KN/m?) (kPa) angle ¢(°)
A 20 20 20 30 10
B,C,.D 10 45 20 30 20

Problem C is produced by introducing to the unreinforced slope of Problem B three anchors
placed at 2m, 5m and 8m horizontal distance from the toe of the slope. The total anchor length
is 6m, with 1m being the fixed length (grout bulb) (Figure 5c¢). Each anchor provides a
resistance force of 20kN/m, decreased proportionally if part of the fixed length lies inside the
failing soil mass. In Problem D, a stabilizing berm is added to the slope of Problem B (Figure
5d). The properties of the berm material (granular fill) are Coerm=5kPa, @¢hem=40° and
Poerm=20KN/m?®, Figure 5 also shows the precise FSmin and corresponding critical slip circle for

129



1st Mediterranean Young Geotechnical Engineers Conference
23-24 September 2019, Mugla, Turkey

each problem, which were established by exhaustive random searches over the course of a

few days.
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Figure 5. Critical slip surface and FSnin for the examined problems.

The computations of the optimization algorithms proceed until a maximum number of
interactions (computational loops) equal to 100 is exceeded or until the algorithm finds a
solution with relative error less than 0.01% with respect to the exact FSmin. For PSO and SGA,
c1=1, c2=1 and w=0.9% in Eq. (2), where k is the current step (interaction) number. For GA
and SGA, the percentages of the population that undergo mutation, cross-breeding and elite
cross-breeding are 20%, 60% and 20%. In cross-breeding, offsprings are produced by random
linear combinations of the parents (e.g. x.CfP9= rand x,P¥eM+(1-rand) x, "), Finally,

SGA is executing 10 PSO steps inside each GA step.

The performance of the algorithms was assessed for three population sizes (Table 2). In the
case of SGA, the number in parentheses indicates the sub-population that takes part in the

PSO computations.

Table 2. Algorithm populations

Algorithm Popl Pop2 Pop3
GA 10 50 100
PSO 10 50 100
SGA 10(10) 50(20) 100(20)
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Due to the random nature of the optimization algorithms, each time they are applied to a given
problem they exhibit a different success rate and, as a consequence, the assessment of their
performance cannot rely on just one application to each problem. Hence, the problems of
Figure 5 were solved using the same algorithm 100 times.

Tables 3 and 4 show the maximum error (difference between calculated FSmin and exact
FSmin) from all 100 runs. It can be seen that for simple problems, such as A and B, all
algorithms perform very well, with the maximum error rarely affecting the 3" decimal of FS
(Table 3). However, in the case of reinforced slopes, problems C and especially D, the
methods GA and PSO exhibit significant errors in the calculated FSmin (Table 4). Moreover,
PSO in the case of Problem D converges to local minima substantially far from the exact
FSmin value, even when increased population sizes are considered. On the contrary, the hybrid
approach (SGA), performs equally well even in the case of reinforced slopes.

Figure 6 presents the average computational time among the batch of 100 runs performed for
each algorithm. It can be seen that GA is the most computationally expensive when large
population sizes are employed, while PSO is the fasted. The average computational cost of
SGA falls generally between that of PSO and GA despite involving two nested computational
loops.

Table 3. Maximum error in calculated FSmin in unreinforced slopes

) Problem A Problem B
Algorithm
Popl Pop2 Pop3 Popl Pop?2 Pop3
GA 0.0049 0.0045 0 0.0003 0.0005 0.0125
PSO 0 0 0 0.0007 0 0
SGA 0 0 0 0 0 0
Table 4. Maximum error in calculated FSmin in reinforced slopes
) Problem C Problem D
Algorithm
Popl Pop2 Pop3 Popl Pop2 Pop3
GA 0.0110 0.110 0.0029 0.0347 0.0098 0.0091
PSO 0.0110 0.0010 0.0009 0.1262 0.1256 0.1255
SGA 0.0011 0.0009 0 0 0 0

5. CONCLUSIONS

Three heuristic optimization algorithms, namely Particle Swarm Optimization (PSO), Genetic
Algorithm (GA) and Swarming Genetic Algorithm (SGA), were used for the determination of
the critical slip surface of uniform slopes with or without stabilization measures. It was found
that the hybrid approach (SGA), by combining the computational speed of PSO and the
heuristic flexibility of GA, turns to be the best performing. Although more computationally
expansive than PSO, it always manages to overcome local minima and converge with good
accuracy to the true minimum factor of safety.
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ABSTRACT

During the impact driving of pipe-piles, the soil is influenced in different ways including the
void ratio, stress distribution, and plugging formation. Such effects may play an important role
in structural design criteria such as the pile’s lateral support provided by the soil. Hence, this
work is focused on investigating the change in the mechanical characteristics of the soil during
impact driving using an advanced numerical analysis tool which is validated against an
experimental test. The investigation includes the pile penetration behavior, soil plugging inside
the pile, and the change of the lateral stress in the soil during the pile installation. The proposed
numerical model is shown to provide similar results compared to experimental measurements.
In the simulated test with the current numerical model configuration, the void ratio distribution
of the soil is influenced due to pile driving up to a lateral and vertical distance of 2D and 1D,
respectively, where D is the pile diameter. Compared to the initial void ratio, the soil inside the
pile experienced loosening about 20% while the soil outside is densified about 30% during
driving. Moreover, the induced lateral stress inside is more than the one outside the pile,
indicating the formation of plugging. Compared to the initial lateral stress state, the pile
installation increased the lateral stress up to four times inside and two times outside the pile.
Based on the findings of this work, the effects of driving on soil mechanical properties are not
minimal and may affect the pile performance including the lateral resistance of the pile. The
applied numerical tool, enables the evaluation of the various effects on the soil due to pile
driving, leading to a better understanding of the such complex problems.

Keywords: Pipe-Piles, Impact Driving, Soil-Structure Interaction, Multi-Material Arbitrary
Lagrangian-Eulerian, Hypoplasticity for Granular Soil

1. INTRODUCTION

Pipe-piles are conventionally used as deep foundation systems, particularly for offshore
applications. The choice of the pile installation method depends on various parameters, such as
pile dimensions, soil strength, and their interaction. One of the conventional driving methods is
the impact installation where the pile is pushed into the soil using a falling mass. Numerical
methods have shown great potential as an evaluation tool for geotechnical problems in recent
decades. Yet, the installation processes are difficult to simulate using common numerical
formulations due to significant and complex soil deformation [1], [9].
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In addition, granular soils exhibit a non-linear behavior even during the initial loading which
cannot be captured using simple elastoplastic-based constitutive models [2].

The objective of this study is to investigate the impact driving technique by using an advanced
numerical model in terms of the required force of the pile installation, pile penetration behavior,
plugging formulation inside the pile, and the change of the soil state outside the pile during the
installation. Despite showing the potential of the numerical approach in reproducing real
geotechnical problems with reasonable accuracy, the outcome of this study shall be considered
among the first steps toward a better understanding of the effect of the installation method on
the soil stress and void ratio distributions as well as on pile-soil-interaction.

The effect of the installation method on the soil and the neighboring structures have been
studied in several works. In a work done by Hartung [3], the effect of the installation method
on the bearing capacity for open-ended piles was investigated. It was concluded that in case of
impact driving, the soil exhibits different behavior based on its initial density. Depending on its
initial density state, the soil around the pile shaft contracts or dilates. Nevertheless, an increase
in lateral stress is always observed in areas near the pile tip [3].

Concerning the numerical simulation of pile driving, special care should be given because of
the significant local soil deformations and complex material flow usually encountered. These
may cause several issues when classical numerical methods based on the Lagrangian
formulation are used, including solution divergence, inadequate soil-structure interaction, and
accuracy loss. Therefore, a robust alternative numerical technique should be devised.

Recently, a robust numerical alternative called MMALE (Multi-Material Eulerian Arbitrary
Lagrangian Eulerian), originally developed for fluid dynamical problems, has been adapted to
capture large soil deformation during pile installation [4]. This method has been verified and
validated based on various geotechnical problems involving large deformation [4], [5] and,
therefore, constitutes a cost-effective evaluation tool for such problems. A recent work done by
Daryaei et al. [6], investigated the effect of frequency in achieved penetration depth in the
vibratory installation of pipe piles.

The structure of this paper is as follows. In section 2, the state of the art in the numerical
modeling of pile installation and complex soil behavior is presented. The numerical model
development including the validation is also discussed in section 2. Afterward, the simulation
results are presented and discussed in section 3. Finally, the conclusion of this study and outlook
on future works are presented.

2. METHODOLOGY
2.1. The MMALE Numerical Approach

The MMALE method can be considered as an advanced mesh-based numerical formulation
which benefits from the advantages of both classical Lagrangian and Eulerian formulations of
the Finite Element Method (FEM) [1]. In the Lagrangian formulation, the computational mesh
moves and deforms in accordance with the material particles, as if mesh points are fixed to the
particles. This constraint causes considerable shortcomings when the soil significantly deforms,
including large element distortion, solution divergence, or unreliable results. On the contrary,
the mesh is fixed in the Eulerian formulation allowing the material to move independently
through the mesh. In other word, the solution variables are transported relative to the fixed
(original) mesh. Despite solving the large deformations and vorticity issues, additional
techniques for treating path-dependent material behavior and tracking material interfaces
become necessary in the Eulerian formulation [1].
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The MMALE method generally applies a three-step scheme to advance the solution in time. In
the first step, the mesh deforms as in the classical Lagrangian formulation. Then, a new less
distorted grid is generated. Subsequently, the solution variables are transported to the new mesh
as in the Eulerian formulation [7]. In MMALE, multiple materials inside one element can be
considered which significantly improves the formulation in case of extremely large
deformations. Usually, a material-free or void zone is defined within the grid without mass nor
strength, so that other materials can flow into these regions of the physical space. For a more
detailed theoretical background of the method, the reader is referred to [7], [8].

2.2. The Hypoplastic Constitutive Equation

The mechanical behavior of soils, especially granular soils, is very complex and requires special
treatments. One of the features of granular materials such as sand is its non-linear behavior
where the simultaneous elastic and plastic deformation occurs during the loading. [2].

Hence, an alternative concept called the hypoplasticity is introduced which captures the
inelastic deformation from the beginning of the loading and does not distinguish between elastic
and plastic deformation. The hypoplastic constitutive model is popular for its simplicity where
loading and unloading steps are considered in a single incrementally nonlinear equation. The
stress rate of the granular material, T, is determined by the effective stress, T, intergranular
strain, 6, and the void ratio, e [9]:

T=M(T,ed):D 1)

Besides the stress rate, the void ratio in the Eq. (1) is governed by the minimum and maximum
void ratio, ei and eq, respectively as well as the critical void ratio, ec.

Since the introduction of hypoplasticity, numerous material models were developed to adapt
the model to various loading conditions. In this study, the hypoplastic equation presented by
Niemunis and Herle [9] is used which is the improved version of the hypoplastic equation
developed by von Wolffersdorff [10]. The improvement addresses the previous issues of the
model in reflecting the accurate strain accumulation during the cyclic loading [9]. Previous
application of this version of the hypoplastic material model in large deformation geotechnical
problems showed good agreement with experimental results [11].

2.3. Soil-Structure Interaction

The MMALE model developed in this study employs the penalty contact scheme for soil-pile
interaction. The contact force is measured based on the arbitrary penetration of the parts. This
is considered by adding an additional term (also called a penalty term) to the energy equation
as follows [12]:

1
M =Ep + B + 5 kdu? )
Where Ep and Ex are potential and kinetic energy, respectively, k is the spring stiffness
resembling the contact interface, and u is the arbitrary penetration of two contact parts.

2.4. General Remarks About the Numerical Model

An axisymmetric MMALE model is developed to reduce the computational costs associated
with a fully three-dimensional model. The model is developed to back-calculate a small-scale
experimental test done at TU Berlin whose configuration is shown in Figure 1.

The rigid pile has 1.5 m height, 0.2 m diameter, and 0.004 m thickness which is modeled using
the conventional 2D Lagrangian shell element formulation with reduced integration point and
a uniform element size of 0.004 m.
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For the soil and void, a mesh with 1.6 m height and 0.85 m radius with the one-point integration
MMALE shell element formulation is generated [13]. A structured mesh, ranging from 0.004 —
0.04 m element width is used. The mesh contains the soil up to a height of 1.4 m. A void domain
with 0.2 m height, which has neither mass nor strength, is defined above the soil material to
enable the soil to move to this domain after penetration starts [13]. The hypoplastic material
model is adopted, whose corresponding material constants for Berlin sand are listed in Table 1.
The relative density of the soil is Dr=75% (einitia=0.465). The initial stress in the soil is defined
with assigning the gravity acceleration as 10 m/s2 and using the lateral earth pressure, Ko=0.5.

Table 1. Hypoplastic material constants for Berlin sand

@.(°) | hy(Mpa) | n €40 €0 €io a | B |my|my R X | Br
315 230* 0.3/0391|0688|0.791|0.13|1|44|22]|1x10*|6.0]0.2

*The actual value of granular hardness, hs, is 2300 MPa. This value is reduced by 10% due to
low-stress soil state

To define the coupling between pile and soil, penalty contact is defined. A tangential friction
coefficient of 0.38 is assigned (2/3 tan ¢). The pile is fixed against horizontal displacements
while the lateral sides of the soil are constrained against motion in directions normal to their
faces, with fixity applied in all directions at the bottom of the soil.
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Figure 1. Numerical model configuration of the pile driving experiment (left) Load
application curve and the induced pile acceleration during the impact driving (right)

The numerical simulation consists of two phases. The pile is embedded at the depth of 0.1 m
due to numerical stability considerations. Initially, the pile is let to penetrate by its own weight
as was done in the experimental test. Subsequently, the driving force is applied. In the case of
the impact driving, the weight and the height of the falling mass is often available, which should
be converted to the applied load on the pile head. According to Al-Kafaji [14], one can
alternatively use the following equation:

mm\/2gh % 0.765 X 22.1 X V2 x 9.81 x 0.28

= 3
o <001 6.224 kN (3)

frmax =
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Where 1 is the reduction factor due to energy dissipation during impact, m and h are the mass
and falling height of the drop weight, t is the impact duration which represents the duration in
which the falling mass and the pile are in contact, and g is the gravity acceleration.

The imposed dead load on the pile due to self-weight, motor and mounting is about F;, =
0.674 kN. The total duration of the experiment was 354 seconds which corresponds to an
impact rate of 0.5 Hz (177 blows). The underlying reason for the long duration was the long
intervals between each blow because the mass had to be lifted up and prepared for the next
blow. In the numerical model, however, this duration is computationally expensive. The
intervals between each blow should be decreased to reach a suitable computation cost.
However, the blow intervals should not be placed too close either. In principle, the optimum
interval should be determined by evaluating the duration, in which the pile acceleration varies
significantly. In other words, the next blow should be applied at the time, at which the pile is at
a steady state. Figure 1 shows the acceleration history of the pile due to one impact. In this case,
the interval of 0.15 is adequately large enough to avoid overlapping in the acceleration of the
pile. The loading history curves of both pile driving methods are shown in Figure 1.

3. RESULTS AND DISCUSSION

The numerical model is validated against an experiment conducted at the laboratory of the Chair
of Soil Mechanics and Geotechnical Engineering at Technische Universitit Berlin (TU Berlin).
Details regarding the test set-up are available in the work done by Le et al. [15]. The experiment
includes a half-cylindrical pile with 1.5 m length, 0.004 m thickness, and 0.2 m outer diameters
placed in a container filled with the Berlin sand and consists of three rigid steel walls and a
glass panel. The pile movement is constrained in the horizontal direction using pile guides.
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Figure 2. Comparison of the soil deformation (left), and time-penetration-curve from the
numerical models and the experiments (right)

The deformed shape of the soil inside and outside the pile is compared with the one captured
from the experiment in Figure 2. The height of the entrapped soil inside the pile is at this stage
overestimated. This can be attributed to the assignment of the reduced granular hardness
parameter of the hypoplastic model, hs, in the constitutive equation due to low confining stress
regions [16]. On the other hand, the outer part of the soil surface calculated in the numerical
model is in good agreement with what is observed in the experiment. The time-penetration-
curves from the model and the experiment is also compared (Figure 2 right). At early stages of
driving, the model is close to the experiment. After 60 blows, the numerical model starts to
overestimate the penetration. After 120 blows, the penetration rate of both curves become equal.

137



1st Mediterranean Young Geotechnical Engineers Conference
23-24 September 2019, Mugla, Turkey

Void ratio 0 i T
0570 Inside Outside
0.543 g 0.2 Initia!
0516 & fle
3 04 1 Soll surf
0.489 - e i B Pile tip &2
0462 Initial = 0.6 df=—===p=
0.435 B |
[ 0.8
1 0.408 | = [m] r=0.8" [ Measured distances
28 mm Loosening zone 0.381 _ Z 1 p=t2 ! r=08cm- - - - |
= 16
0354_ | & =16 N kL
=3 =211 | =16cm ------- i
0327_ ¥ S 1.2 ; r=16cm
r=21cm ——
0.300 _ 1.4 I
-40 -20 0 20 40

Radial stress (kN/m?)

Figure 3. Void ratio distribution (left) and Horizontal stress distribution over the soil depth
inside and outside the pile at the pile tip depth of 0.46 m (right)

Figure 3 shows the void ratio distribution at the pile tip depth of 0.47 m. The entrapped soil
inside the pile exhibits loosening, unlike the outer part. The lateral and vertical influence
distance of the soil is 2.5D and 1D, respectively, where D corresponds to pile diameter.
Moreover, a thin area around the pile shaft with a width of 0.028 m has also experienced
loosening due to the impact force. This loosening may facilitate driving performance by
reducing the frictional resistance.

Horizontal stress (kN/m?)
50 40 30 20 10 0

0.1
Pile
soil surface’
S 02 ||un
£E
et X statibns
3 8 03 b 1=12,16,21
v 8 Y
O =
-g a
%g 04
a0 0.44
)] : .
2 _ r=12—cm 4
T 0.5 c >
&
r=21-cm '
0.6 : : L

Figure 4. Horizontal stress history at three stations outside the pile, at the depth of 47 cm
during impact (positive value indicates compression).

The lateral stress distribution over the depth inside and outside the pile at one time stamp is also
shown in Figure 3 where the r is the lateral distance of the measuring stations from the axis of
symmetry. One station is chosen inside the pile close to the axis of symmetry, r = 0.008 m, and
three stations outside the pile at distances of r = 0.12, 0.16, and 0.21 m. The outer wall of the
pile is located at a lateral distance of r = 0.1 m. Significant variations are noticed at the depth
of 0.4-0.8 m. These variations are along with notable oscillations which can be attributed to the
dynamic nature of the impact pile driving. The maximum lateral stress is observed at almost
0.1 m under the pile tip which is two times and four times more than the initial stress outside
and inside the pile, respectively. Afterward, the stress decrease until the depth of 0.8 m where
the initial stress state of the soil is reached again. In addition, the induced stress due to driving
is decreased by 50% from r =0.12 to 0.21 m.
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The induced stress inside the pile is about two times greater than the outside. Therefore, it may
be argued that plugging occurs. This cannot be initially concluded from the soil surface in
Figure 2 as the surface of the entrapped soil is higher than the surface outside the pile. This can
be justified with the fact that at initial stages of the penetration soil heaving was observed.
Afterward, this heaving decreases with further driving. In addition, by evaluating Figure 3 it is
clearly seen that the plug is formed inside the pile at the final stage of the model.

Figure 4 depicts the change in lateral stress during the driving at three stations located at the
depth of 0.44 m and at the same lateral distance of those in Figure 3. Initially, a limited increase
in lateral stress is observed up to a depth of 0.25 m. Then, the stress starts to increase rapidly
until the pile reaches the depth of the 0.44 m. Afterward, the lateral stress decreases drastically
as the pile penetrates further until it reaches the initial stress state at the depth of 0.6 m. The rate
of decrease is more than the rate of increase.

4. CONCLUSION

In this study, the effects of impact driving during pipe-pile installation in granular soil is
numerically investigated, using the advanced numerical tool MMALE in conjunction with an
advanced hypoplastic constitutive equation. The investigation criteria include the induced
horizontal stress inside and outside the pile, change in void ratio, and pile penetration.

The penetration curve was initially in good agreement with the experiment. After reaching a
time corresponding to one-third of the blows, the numerical model started to overestimate the
penetration. After applying two third of the blows, the penetration rate of the numerical model
became identical to the one in the experiment and hence the difference was maintained. The
final difference in the pile tip depth compared to the experiment was about 10% more.

By evaluating the void ratio, loosening inside the pile and densification outside the pile was
observed. The influence area corresponded to 2.5D in lateral and 1D in the vertical direction.
Also, a loosening area was formed around the pile shaft due to the disturbance from the driving.

Using the lateral stress, the formation of a soil plug was confirmed. Moreover, a limited depth
of the soil was affected during the driving, up to the depth of 2D under the pile tip. At a lateral
distance of 2D outside the pile shaft, the values of the induced lateral stress reduced to almost
50% of that in distance of 1D. The maximum lateral stress is two times and four times more
than the initial stress outside and inside the pile, respectively. During the penetration, the lateral
stress at a stationary point increases as the pile penetrates until it reaches the same depth as the
station. Afterward, it starts to decrease at a significantly faster rate than it increased previously.

This study may be considered as a first step toward numerical simulation of impact pile driving.
Based on the presented results, the numerical approach is shown to be capable of reproducing
complex geomechanical problems relatively close to the experimental test. In addition, it
provides a handful of evaluation tools which may be cumbersome or require sophisticated
approaches to obtain using other approaches. To this extent, a coupled formulation can be
implemented which is expected to simulate the offshore installation problems more accurately.
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ABSTRACT

Mega projects require innovative and efficient solutions, especially in quality control. In
earthworks, the continuous compaction control has found its way into construction practice as
an efficient quality control. Since December 2016, CEN / TS17006 has provided the technical
regulations for the use of comprehensive dynamic compaction control as a method of quality
control in earthworks by using compaction rollers with integrated measuring and
documentation systems. For the practical use at construction sites therewith a gap could be
closed. At the world's largest infrastructure and earthwork project “Istanbul New Airport”, lots
of experience and new findings have been gained that have broaden the scope of application of
the method. For over 2 years, 40 heavy dynamic compaction rollers (smooth-drum rollers with
operating weight of 26t) have been used to monitor the compaction quality of up to 2 million
square meters of daily compacted layer surface. The bulk material is mainly middle to high
plastic clay. Based on the experience gained, it is shown that also the quality of compacted clay
soils can be monitored effectively with dynamic compaction control. Statistical evaluations of
measured values as well as determined correlations between different parameters explain the
practical application possibilities of the method for a modern, comprehensive and effective
quality control in earthworks. Therewith the use of conventional test methods can be
significantly dispensed. A comprehensive quality control in real time is applied, which is not
disturbing the construction process.

Keywords: Infrastructure, Embankment, Quality Control

1. INTRODUCTION

In earthworks constructions quality control/ quality assurance of engineering fill is most
essential step. The common QA/QC methods for earthworks compaction verification are in-situ
spot tests such as sand cone test and nuclear density gauge test. The test amount of this tests is
defined in the specifications as 1 test per a certain square meter. With these spot tests low
percentage of material being testing in comparison to the entire compacted area. Advancements
in technology have provided a new tool that shows significant promise for improving the
efficiency of the compaction and compaction verification processes. Continuous Compaction
Control (CCC) technology continuously and instantaneously measures machine parameters,
global positioning system (GPS) location, and soil response, while offering nearly 100%
coverage of the compaction zone. One of the biggest earths move in the construction history
was in Istanbul New Airport Project. To prepare a stable platform for apron, runways and
taxiways, 60-meter-high embankments had to be constructed. Because of the tight time limit of
the project earthworks quality control was not possible with conventional test methods. So
Continuous Compaction Control (CCC) method had been adapted to the project. This paper
will present the Continuous Compaction Control (CCC) application in Istanbul New Airport
Project earthworks QA/QC.
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2. CONTINUOUS COMPACTION CONTROL (CCC)

Continuous compaction control systems are designed to monitor the compaction process just in
time while operating the roller. Application of the system improves the ability of the roller
operator to track the compaction process directly by observing machine provided values on the
screen of the control unit. Well trained and experienced operators might be able to work
independently to improve quality of compaction at locations showing insufficient results.

CCC rollers are equipped with acceleration transducers, a data processing and display system
and a GPS system (Fig-1). The data processing and display system records, processes and
displays the drum - soil interaction. The GPS system records corresponding location (X, y and
z coordinates) of the measurements.

Roller integrated continuous compaction control system (CCC) is based on the dynamic
interaction between the excited drum of a vibratory roller and the soil that shall be compacted.
Vibratory rollers are characterized by a drum that is excited by one or more eccentric masses
rotating at a constant speed.

During compaction the roller drum vibrating system is feeding the soil to be compacted
continuously with kinetic energy. Both soil density and absorption of kinetic energy is
increasing with the level of compaction. By analyzing the vibration behavior, conclusions can
be made about the compaction quality. For proper interpretation of CCC measuring values,
major influencing parameters as dead weight, amplitude, frequency, operational speed and
driving direction of the roller are needed to be considered. Moisture content of soil and evenness
of the layer surface are additional parameters which influence the achievable quality of
compaction and corresponding CCC measuring results.

Eve = 60 MN/M? Eve = 25 MN/m?

Figure 1. Smooth Drum Roller with CCC System
2.1. Status of Standardization

CCC technology was initiated in Europe in the 1970s and has been used in European practice
for nearly 25 years. The first European specifications for roller-integrated CCC methodology
was developed in Austria in 1990. Germany was following in 1993 with its own guidelines.
These guidelines had been updated in 2014. Today, four European countries have soil
compaction QA specifications using roller-integrated CCC (Austria, Germany, Sweden and
Switzerland) The U.S. states are beginning to implement pilot specifications (e.g. Minnesota).

Principles for application of the CCC testing methodology, evaluation of measuring results and
corresponding decision rules are given by the European technical specification CEN/TS 17006
Earthworks — Continuous Compaction Control (CCC), December 2016.
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3. ISTANBUL NEW AIRPORT APPLICATION
3.1. Introduction

“Istanbul New Airport”, project target for the earthworks construction was up to 1 million cubic
meter of fill placement and compaction within a day (24hrs). Considering an average compacted
lift thickness of minimum 30 cm, the total lift surface area is estimated to be 3.3 million square
meter which had to be managed by the QC program within a 20-hour working period. Based
on Turkish and international standards the required scope of QC testing is specified minimum
by one in-situ field test per 1,000m? compacted lift surface. Considering above mentioned
targeted workload per day, more than 3,300 in-situ spot tests within 20-hrs working period had
to be performed and evaluated.

Depending on the type of in-situ testing method and related time amount for execution of each
in-situ test, estimated number of staffs had to reach up to more than 200 persons including
testing equipment

Therefore, an optimization of testing procedures was essential to increase success and
productivity of Quality Control (QC) measures. For this approach roller-integrated continuous-
compaction-control (CCC) technology, verified by a certain number of in-situ spot tests, was
selected for reaching quality and mass compaction targets and for monitoring compaction
success of engineering fill.

Prior to utilization of all CCC systems, provided machine-based values had to be calibrated
with the results of in-situ quality control tests to establish correlations between CCC values and
engineering parameters of the compacted material as density and / or load bearing capacity.

3.2. Trial Area Construction

In order to receive reliable data from the CCC system it has to be calibrated for each soil type
used as engineering fill by large scaled in-situ compaction trials. The layout of the trial field
and corresponding laboratory and field-testing programs had been designed by considering the
individual fill material properties, available construction equipment and the quality
requirements of the project as well. For each type of homogeneous source soil, which shall be
used as fill material, individual trials shall be executed for determination of the required
parameters and procedures for compaction and quality control measurements.

3.3. Calibration Principles

In earthwork construction requirements on quality of compacted soil layers are normally
specified by the relative compaction ratio RC as a function of the soil density. Depending on
the applied CCC system interpreted values of the soil stiffness, expressed by the values ks,
CMV, CCV or the dynamic load bearing capacity, expressed by the dynamic E-modulus Evib,
are being received.

Prior to utilization of the CCC system as quality control testing method the measured values
shall be calibrated with the results of conventional quality control test methods to establish the
required correlation between CCC and conventional test values. According to the European
technical specification CEN/TS 17006 Earthworks — Continuous Compaction Control (CCC),
December 2016, a good correlation can be assumed when the coefficient of determination
exceeds R? > 0.7. The calibration principle is shown in Figure 2.
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Eir (MPa) ¢
R<20.7
o ¢
req. Ty (MPa) "
/’.
8
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Figure 2. Calibration principle for determination of the correlation between CCC values
(here: Evib) and conventional parameters (here: RC) and specification of the CCC
acceptance value Twm

The regression analysis should result in a coefficient of determination r > 0,70. If r > 0,7 cannot
be achieved, additional tests should be carried out.

If r > 0,7 is still not achieved even after additional tests, then CCC is not permitted for that
material

3.4. QA/QC and Approval Procedure of Tested Area

During execution of the CCC measuring process all measured values are recorded and displayed
in time on the screen of the documentation unit.

After completion of the testing process on the processed surface of the control area the results
will be summarized in a documentation report.

Based on the selected measuring system and roller manufacturer the design of the report and
visualization of the data is different but comparable.

It is recommended to configurate the settings of the documentation system accordingly, so that
it can be clearly distinguished between CCC values which are below, equal or above the
specified CCC acceptance value Twm.

An example for a plan view, displaying recorded measuring results of the control area and the
corresponding summary table of the CCC is given in Figure 3 and Figure 4.

Figure 3. Plan View (Example) summarizing CCC measuring Results of a Control Area
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Stored data

Processed surface 3477 m?
documented from - until  6/29/2016 3:53:43 PM - 6/29/2016 5:22:58 PM
AVG | Min Max
EVIB [MN/m?] 108 1 147
Amplitude [mm] 20 2.0 20
Frequency [Hz] 26 2 38
Velocity [km/h] 3.0 0.3 5.2
Statistic data
EVIB [MN/m?]
> 100 68 %
30- 100 30 %
<30 2%
= 30- 100 30 %

N

AVG-value 108 MN/m?
Increase -0 %
Standard deviation 30

Figure 4. Corresponding CCC Summary and statistic Data Table (Example)

Based on the correlation, the CCC acceptance value Twm shall be specified by considering the
10% minimum quantile. Considering the 10% minimum quantile Tm defines the minimum CCC
value which shall be exceeded by > 90% of total recorded values within the control area.

The controlled area shall be checked again by application of additional conventional spot check
tests within identified “red” subareas when quantity of CCC values Tm exceeds more than 10%.

Based on the results of the conventional tests within the subarea total area can be accepted in
case of values equal or above required values of RC. In case of values lower required RC
additional reworking measures as soil replacement or application of additional compaction
passes shall be assigned.

4. CONCLUSION

In combination with a good developed method of fill compaction and a corresponding quality
control system, application of the CCC system as core instrument for monitoring of the
compacted layer quality a high level of testing and quality performance in earthwork
construction can be reached.

The actual report intents to create an easy reference for all phases of the CCC implementation
and operation. Also, it is important to register that during operational periods results can be
quickly evaluated. Areas of insufficient quality can be easily detected, and corresponding
corrective measures can be directly initiated when needed.

Finally, is important to emphasize that during the implementation and operation of the CCC
system important advantages were observed:

¢ Reduction quantity of conventional QC testing (80%);

e Applicable for all type of soils;

e Effective construction accompanying QC testing system;

e Delivery of reliable results for assessment of layer compaction quality without options
for manipulations as possible by application of conventional test methods;

e Direct and clear identification of areas of insufficient compaction quality;

e Increasing of quality during the evolution of the implementation and training process.
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ABSTRACT

In this study, effects of different parameters on earthquake-induced permanent displacement
are scrutinized. A series of pseudo-static and dynamic analyses are performed to investigate the
dynamic response of CFRDs with varying slopes and heights. Within the scope of the study,
50m and 200m high dams are subjected to 6 real earthquake records and peak ground
accelerations (PGA) of each record are scaled to 0.2g, 0.4g and 0.6g. Downstream and upstream
slopes of dams are equal to each other and vary as 1:1.2, 1:1.4, 1:1.6 and 1:1.8. Prior to dynamic
analyses pseudo-static analyses are performed using the limit equilibrium approach. Critical
slip surfaces are selected at three different heights (0.25h, 0.50h, 0.75h) and seismic coefficients
are specified as the 1/2 and 1/3 of the PGA. To find the average acceleration responses of critical
slip surfaces two dimensional equivalent linear analyses are carried out using QUAKE/W.
Acceleration histories are used to estimate the permanent displacement of CFRDs by utilizing
Newmark method. Variation of permanent displacements with respect to FS obtained from
pseudo-static analyses. The results are assessed in terms of FS and permanent displacement, to
construct a guide to use at the stage of preliminary design of CFRDs..

Keywords: Seismic Coefficient, Concrete Faced Rockfill Dam, Permanent Displacement.

1. INTRODUCTION

Theoretical researches and evaluation of case studies proved the seismic safety of concrete face
rockfill dams (CFRD) against the strong earthquake shakings. In terms of engineering
perspective, convenience of taller and economical construction and high seismic energy
absorption of rockfill material, stimulate the demand. In spite of these advantages, under-
designed CFRDs can cause man-made disasters. Therefore, understanding the dynamic
response of CFRDs has vital importance. Early studies widely based on factor of safety (FS)
calculations of potential sliding block and this parameter alone was insufficient for seismic risk
assessment. In time, earthquake induced permanent displacement became mostly used
parameter for the seismic performance estimation. Although present deterministic and
probabilistic studies cannot cover the well-defined upper boundary needs for permanent
displacement, Hyness-Griffin and Franklin [1] suggested a maximum 100 cm deformation to
label the dam as safe. Okamoto [2] observed a higher response at crest compared to the other
parts of embankment dams, and suggested to be careful to this behavior of crest at design stage.
In terms of earthquake induced slope displacements, Bray [3], Bray and Travasarou [4] worked
on probabilistic approaches. Their works provided predictive equations for potential seismic
displacements. Zhou et al. [5] conducted 1200 analyses to search the effects of slope, dam
height, response spectrum of earthquake, width of valley on seismic response of dams. Analyses
show that maximum crest accelerations are decreasing with increase in slope (increasing of
valley width). Yu et al. [6] worked on earth and rock fill dams. Their results are in direction of
decreasing maximum crest accelerations with increasing peak ground accelerations. Seismic
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response of these dams are less affected by slope and crests of dams give higher response to
earthquake load. Engineers are still looking for a simple and realistic approach to dynamic
response evaluation of CFRDs.

Pseudo-static analysis is one of the useful method for the seismic slope stability assessment.
The most difficult stage in this method is the selection of pseudo-static coefficient (ks). There
are some suggested values for this coefficient including exact values as 0.05 - 0.15 in the United
States, 0.12 - 0.25 in Japan and functional values as 1/2 to 1/3 of peak horizontal acceleration
(PHA) recommended by Marcuson [7] and 1/2 of PHA recommended by Hyness-Griffin and
Franklin [1]. In this study ks values are chosen as 1/2 and 1/3 of peak ground acceleration and
the analyses results are presented in comparison with permanent displacements.

2. METHODOLOGY AND KEY RESULTS

In this study, effects of different parameters on earthquake-induced permanent displacement
are investigated. The results are assessed in terms of FS and permanent displacement, to
construct a guide to use at the stage of preliminary design of CFRDs. 50m and 200m high dams
are subjected to 6 real earthquake records and peak ground accelerations (PGA) of each record
are scaled to 0.2g, 0.4g and 0.6g. Downstream and upstream slopes of dams are equal to each
other and vary as 1:1.2, 1:1.4, 1:1.6 and 1:1.8. Input parameters and earthquake motions are
given in Table 1 and Table 2, respectively.

Table 1. Inputs of Dynamic Analyses

. Internal Friction Upstream and
Dam Height (m) PGA (9) Angle () (°) Downstream Slope
50-200 0.2-0.4-0.6 35-40-45-50 1:1.2-1:1.4-1:1.6-1:1.8

Table 2. Earthquakes Used in Analyses

Earthquakes Date Fault_ Predo_minant I\/I_oment

Mechanism Period(s) Magnitude (Mw)

Cape Mendocino 1992 Thrust 0.12 7.2

Northridge 1994 Thrust 0.22 6.7

Kobe 1995 Strike Slip 0.44 6.9

Diizce 1999 Strike Slip 0.82 7.2

Landers 1992 Strike Slip 0.02 7.3

Tabas 1978 Thrust 0.54 7.4

Prior to dynamic analyses pseudo-static analyses are performed using the limit equilibrium
approach. Critical slip surfaces are selected at three different heights (0.25h, 0.50h, 0.75h) as
illustrated in Figure 1 and seismic coefficients are specified as the 1/2 and 1/3 of the PGA. Two
dimensional equivalent linear analyses are carried out using QUAKE/W to find the average
acceleration responses of critical slip surfaces. These histories are used to estimate the
permanent displacement of CFRDs by utilizing Newmark [8] method.

Variation of permanent displacements with respect to FS obtained from pseudo-static analyses
are shown in Figure 2. As seen in Figure 2a and 2c, permanent displacements are under the
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limit value of 100 cm proposed by Hyness-Griffin and Franklin [1] when ks is 1/2 of PGA and
FS is larger than 1. When ks is selected as 1/3 of PGA, only a few cases exceed the limit value
of 100 cm (Figure 2b and 2d). These results are in agreement with the recommendations of
Marcuson [7]. Moreover the findings show that permanent displacements of 50 m CFRD are
slightly higher than those of 200 m CFRD. This difference can be attributed to the natural period
and damping characteristics of dams.

0.75h |0.50h|0.25h
h
Figure 1. Critical slip surfaces
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Figure 2. Relation between FS and permanent displacement
(@) 50 m dam with ks= PGA/2 (b) 50 m dam with k<= PGA/3
(c) 200 m dam with ks= PGA/2 (d) 200 m dam with ks= PGA/3
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3. CONCLUSIONS

In the present study, a series of pseudo-static and dynamic analyses are performed to investigate
the dynamic response of CFRDs with varying slopes and heights. 6 different real earthquake
records with 0.2g, 0.4g and 0.6 g peak ground accelerations are used. In consequence of
analyses, seismic coefficients and permanent displacements of CFRDs are scrutinized.

i. Results indicate that acceleration response of dam is less affected by the slope of dam. It is
seen that most significant parameters acting on response of CFRDs are earthquake
parameters (duration, frequency, PGA).

ii.  When the seismic coefficient is used as 1/3 of PGA, exceedance of 100 cm limit value is
calculated at a few number of analyses. (Figure 2b and 2d). This results correspond to
recommendations of Marcuson [7].

Estimated permanent displacements of 200 m CFRD are slightly lower than those of 50 m
CFRD. The most likely reasons for that difference are the natural periods and the damping
characteristics of dam.
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ABSTRACT

In case one wants to predict or design the bearing capacity of a foundation pile and there are no
possibilities to perform an in-situ test, such as a Cone Penetration Test, the pile bearing capacity
is in most cases estimated with analytical formulas. The most known and used method is the
Meyerhof method published some decades ago. There are also other design methods such as
the Janbu method or the Vesi¢ method. These analytical methods are all derived from a certain
failure mechanism around the pile tip, which is, in most cases, an extrapolation of the Prandtl’s
wedge failure mechanism. This failure mechanism was originally developed for a shallow
(infinite) strip foundation, though. Therefore, it represents a plane failure mechanism.
Numerical simulations on loaded foundation piles performed with the Plaxis software show
however, that the failure mechanism of a foundation pile represents a far more complex three-
dimensional failure mechanism around the pile tip.

In addition, the existing analytical methods for foundation piles are based on the vertical stresses
in the soil, as if the failure mechanism is the same as of a shallow foundation. Numerical
simulations, performed in Plaxis show that, not the vertical, but the horizontal stresses, play an
important role on the pile bearing capacity. Plaxis represents the stresses in the soil by using the
K, procedure. So, different horizontal soil stresses are obtained for different values of the lateral
earth pressure coefficient K,. The results show that the pile tip bearing capacity depends
strongly on the horizontal stresses in the soil, but only for K, < 1. The same results were
observed by using a Material Point Method (MPM). Consequently, the analytical methods
should estimate the pile bearing capacity based on the horizontal stresses, in case these are lower
than the vertical stresses.

Keywords: Foundation Pile, Horizontal stress, Analytical Design Methods.

1. INTRODUCTION

The bearing capacity of foundation piles is very often estimated by using the Meyerhof formula
[1] (based also on [2]). The pile bearing capacity is considered to be a sum of the pile shaft
friction and the pile tip bearing capacity. The shaft friction is based on the horizontal stresses
in the soil along the pile shaft (the horizontal stresses are calculated with K, procedure; o, =
K,xa,). The tip bearing capacity is based on the bearing capacity factors which are the
surcharge, the cohesion and the self-weight bearing capacity factor, see equation (1). The last
two terms can be neglected for piles installed in sandy soils. In most cases, the pile tip is based
on sandy soil, which means that the cohesion in the soil is zero or a small value that can be
neglected. In addition, the pile diameter is very small in comparison with the pile length. So
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only, the first term of equation (1) is required for piles installed in sand. Therefore, regarding
the surcharge bearing capacity, only two basic parameters have to be known. First, the shear
strength of the soil which is characterised by its cohesion c and its friction angle ¢ (for sandy
soils ¢ = 0 kPa). Second, the weight of the soil layers from ground level to the pile tip level,
which are only taken into account as a surcharge effect, g.
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Figure 1. Failure mechanism for the pile foundation (based on from [1])

Where:
q: the unit pile tip bearing capacity
Sq the surcharge shape factor of the pile tip
N, the surcharge bearing capacity factor
y' the effective self-weight of the soil
loph the effective vertical stresses at the pile tip
A, the surface of the pile tip
K, the passive soil pressure coefficient

Vsoit» Ywater

weight of the water

the unit self-weight of the soil (in natural condition) and the unit self-

The maximum pile tip bearing capacity, according to the existing analytical methods, is
calculated similarly as the bearing capacity of a shallow strip foundation, which means it is also
based on the Prandtl-wedge failure mechanism [3] including the extension made by [4] which
takes into account the surcharge effect. This entails simply using the 2-dimensional solution of
a shallow strip foundation, multiplied with shape factors to obtain a 3-dimensional failure
mechanism, disregarding the shear strength (but not the weight) of the soil above the foundation

plane, see Figure 1 (left).
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Figure 2 shows a figure published by [5], which was republished by [6 and 7], which shows the
bearing capacity factor for shallow round footings N, (which is in fact s,N;). [8] and [5]
proposed N, values, which solutions are based on the failure mechanisms given respectively in
Figure 3 and Figure 4. The failure mechanism of [6] is shown in Figure 2.

10000

Bearing capacity factor, N [ -]

10 | | 1 L J
25 30 35 40 45 50

Friction angle, ¢ [ degree ]

Figure 2. Surcharge bearing capacity factor [6]
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Figure 3. Janbu model [7] Figure 4. Vesi¢ model [5]

2. PLAXIS SIMULATIONS FOR SMALL PILE HEAD DISPLACEMENT

2.1. Plaxis Numerical Simulation

The loading of a pile can be modelled with Finite Element (FE) models, such as Plaxis. The
installation of a pile deals with large deformations of the soil, which cannot be handle with FE
models. The pile installation effects can only be taken into account if a Material Point Method
(MPM) is used because this method is able to handle large deformations. However, [9] showed
that Plaxis could be used to represent large deformation simulations with the help of the Press
Replace Method (PRM), but no good results can be obtained with this unfortunately.
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Nevertheless, the FEM can be used to represent a simplified pile load test, where small
deformations occur. The software used in this research is Plaxis, which is a FEM software
developed in the Netherlands. The results of [10] and [11], are based on the same numerical
model. Simplified pile tests are performed for four different values of the lateral earth pressure
coefficient (K, = 0.3, 0.5, 0.8, 1.0). By doing so, different horizontal stresses in the soil are
tested, while keeping the vertical stresses the same.

Generally, to obtain the pile bearing capacity, the pile head displacement is required to be 10 %
of the pile diameter, D, at which a full tip resistance is mobilised [3]. In order to obtain a better
insight in the pile bearing behaviour the pile head displacement will even reach 25 % D in the
simulations of this article.

These simulations are made for a flat tip reinforced concrete pile, with a diameter of D = 0.4 m
and a length of L = 10 m, see Figure 5. The pile is assumed to be already installed in the soil
prior to the pile load test. In this case, only small deformations will occur in the soil. Due to this
assumption, the pile installation effects are not taken into account. Thus, the simulation
represent a simplified pile test simulation. These simplified simulations give the bearing
capacity of a foundation pile disregarding the installation effects. The obtained bearing
capacities are compared for the different K, values.

The foundation pile is installed in a homogeneous sandy soil of which the parameters are given
in Figure 5. The selected constitutive material model, which represents the soil, is the Mohr-
Coulomb model, and the groundwater level is at ground level. The soil is considered as a drained
material, which means that the stiffness and the strength are defined in terms of the effective
stresses.
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Figure 5. Pile model in PLAXIS [9]

Figure 6 shows clearly the strong influence of the lateral earth pressure coefficient on the pile
tip bearing capacity. This is in fact the influence of the horizontal stresses on the pile tip bearing
capacity.

The pile tip bearing capacity has an almost linear dependency with the horizontal stress in the
soil. This linear dependency is even more obvious for the pile shaft bearing of which it is evident
to have a linear relationship with the horizontal stress. For a given soil type, i, at a given depth,
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h;, and considering §; as the soil-pile pile interface, the pile shaft friction can be calculated by
equation (2).

o _ ’ —
Fyi = o, tan(8;) = Ko 0y, tan(8;) = Ko [ (Vsoiri — Ywater) hi tan(s;) (2)
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Figure 6. Total pile bearing capacity
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Figure 7. The plastic zone around the pile tip versus K,

According to [11] showed that a plastic zone of 2 D above and 5 D below the pile tip is occurring
during the pile loading process. This size of the plastic zone is found for a wished in place
foundation pile, for installed piles in a MPM simulations, a slightly larger zone is found. Figure
7 shows the plastic zone around the pile tip for different values of the lateral earth pressure
coefficient, K, for the same pile head displacement. By increasing the value of this parameter,
the plastic zone gets smaller. This might be due to the hoop/horizontal stresses in the soil around
the pile tip, which have higher values for a higher value of the K, parameter. Due to this, the
pile tip bearing capacity and the pile shaft friction increase. Consequently, the total pile bearing
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capacity increases as well. The influence of the K, values or, in other words, the influence of
the horizontal stresses, on the size of the plastic zone, is shown in Figure 7.

3. MPM SIMULATIONS FOR LARGE PILE HEAD DISPLACEMENT
3.1. MPM Numerical Simulation

The same geometry and parameters, as for the Plaxis simulations, have been used for the
simulations with the Material Point Method (MPM), see Figure 8. In the Plaxis simulations the
pile was a wished in place pile, while in the MPM simulations the pile is pressed in (jacked), in
a similar way as the done by [12] who showed a cone penetration testing (CPT) installation
process. The functioning of this MPM is described by [13].

The pile is a flat tip jacked pile with a length L = 10 m and a diameter D = 0.4 m (L/D = 25).
The MPM simulations are able to handle large deformations/displacements, so the pile
installation effects are taken into account. The foundation pile is jacked at a rate of 0.02 m/s,
equal to the rate of a CPT. The soil-pile friction angle is considered to be 2/3 of the internal
frictional angle of the soil. A very rough surface is considered for the pile tip, so it enables the
creation of a bulb of soil that remains below the pile tip moving almost at the same rate as the
pile installation. The mesh of the numerical model is shown in Figure 9. Based on [13] the
numerical model must be divided in 2 big areas; the moving mesh area and the storage area (for
more details see [12] and [13]). The initial vertical stresses in the soil are based on the unit
weight of the soil. The K, procedure is used to reproduce the horizontal stresses. So, if the K|,
value is changed, the values of the horizontal stresses in the soil change as well. Three different

values of K, are considered: 0.3, 0.5 and 0.8.
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Figure 8. The numerical foundation pile model in MPM, geometry and material.

At the very start of the pile installation, a very large displacement was observed for the soil at
the edge of the tip. For this reason, a layer of 40 cm having a tensile strength of 50 kPa had to
be places as a surcharge. This soil layer has the same parameters as the sand except the fact of
having a tensile strength other than zero, see Figure 8. While the pile is considered as a simple
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weightless linear elastic object, which is penetrating the soil, no information can be obtained
from the volume of the pile, except from its surfaces.
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Figure 9. The moving mesh area and storage area before the pile installation process.
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Figure 10. MPM pile bearing capacity regarding the K, values.

The results of these MPM simulation are shown on Figure 10. The figure shows the pile tip
bearing capacity (left) and the pile shaft friction (right). The results show clearly e influence of
the K, value on both the shaft and the pile bearing capacity during the pile installation process.
Therefore, the horizontal stresses have a strong influence on the total pile bearing capacity. The
pile bearing capacity has an almost linear dependency with the horizontal stress in the soil, as
for the case of the Plaxis simulations.
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4. CONCLUSION

The article shows Plaxis and Material Point Method (MPM) simulations of a pile foundation.
The Plaxis simulations represent very well a pile loading test for a wished in place pile, while
MPM simulations represent very well a pile installation process as well as the pile loading test.

The size of the plastic zone, observed by Plaxis simulations, depends strongly on the
hoop/horizontal stresses in the soil. A smaller plastic zone was found when the hoop/horizontal
stresses in the soil are increased.

The Plaxis simulations (small deformations) and the MPM simulations (large deformations)
show that the hoop/horizontal stresses play a very important role on the pile bearing capacity.
Therefore, the existing analytical methods, used for the design of the pile bearing capacity,
should be based on these hoop/horizontal stresses.
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ABSTRACT

Evaluation of the reliability of deep excavation support systems designed by deterministic finite
element method requires the inclusion of the effect of soil variability in conjunction with
probabilistic analysis. In this context, a 20 m-deep excavation case history with anchored drilled
shaft support in the Sogutozu district of Ankara designed with conventional deterministic
methods was investigated. The mean soil strength parameters were determined by back analysis
via inclinometer readings. Experimental results indicate that sand-gravel bands, which are
common in Ankara Clay have the potential to cause a significant decrease in the anchorage
capacity. Thus, considering this effect, variability of soil parameters on wall structural capacity
and wall lateral displacement is evaluated in detail. For this purpose, the finite element analyses
were performed in conjunction with a Python scripting software and the reliability of the
anchored deep excavation designed with the conventional methods is examined
probabilistically. Geotechnical parameters of the over-consolidated Ankara Clay produced by
Monte Carlo simulation method were used in the finite element analyses. The results were
evaluated within the context of acceptable reliability levels recommended by several
geotechnical and structural codes.

Keywords: Deep Excavations, Risk Analysis, Monte Carlo Simulation, PLAXIS, Python

1. INTRODUCTION

Probabilistic analysis of geotechnical structures with conventional deterministic methods
generally do not have the ability to explicitly consider the effect of soil variability in excavation-
induced deformations. Incorporating probabilistic concepts into numerical analyses of complex
geotechnical structures generally leads to a computational effort often not feasible from a
practical point of view [1]. However, recent technological developments in numerical
engineering have made reliability-based design easier to be incorporated, and have allowed the
addition of soil variability during the calculation phase.

Numerous methods have been used to determine the reliability of geotechnical designs based
on probability theory. The most commonly used methods in reliability-based design include the
first-order reliability method (FORM), point estimation method (PEM) and Monte Carlo
simulation (MCS). Today, Monte Carlo simulation is the most prominent method among these
three methods used in the design phase (Fig. 1).
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Figure 1. Simulation methods used on different papers in reliability-based designs in
Geotechnics ([2])

Recently in the literature, studies on the reliability-based design of deep excavations and slopes
using PEM, FORM and MSC have shown an increase (e.g., [3, 4, 5 and 6]). Monte Carlo
simulation method is a numerical method in which a mathematical or an empirical parameter is
randomly calculated in a given distribution [7]. Simultaneous calculation of multiple input data
of random variables without physical testing and computer simulations can be performed
relatively easily. A typical MCS flow chart is presented in Fig. 2.
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Figure 2. MCS flow chart (Modified from [8])

Computer-aided statistical analyses and calculations are needed to understand the failure
mechanism and determine conditions beyond the strength and serviceability limits and to
finalize geotechnical designs in accordance with engineering decisions. In this context, firstly,
the statistical distribution of the variables constituting the problem should be decided. Then, for
reliability problems, a limit equilibrium function (P=R-L) should be checked. The system
failure mechanism can be defined by the load (L) and resistance (R) operators. Failure can be
described as not only the fail of the all the basic elements in geotechnical design, but also the
exceedance of the resistance forces (L>R) or the limit conditions. If the limit equilibrium
function (P) is smaller than zero, the system will fail. According to n sets of simulations
performed, probability of failure (pr) can then be determined simply by calculating the number
of failed analyses (nf) with Eq.(1).

_ np(P=R-L=0)

n 1)

After calculation of pr, system reliability index (B) can be evaluated by Eq. (2). ® operator is
the standard normal probability distribution function.

B=-o"(pf) 2

It was observed that the number of analyses was selected as 1000 in many geotechnical studies
that employed MCS (e.g., [9, 6]). [10] states that the number of simulations required for 95%
confidence interval will be 1000 iterations with 0.03 error margin.
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According to [11], it was suggested that the number of analyses to be carried out could be
determined by considering the situation in which the change in the probability of failure is
approaches a fixed value. The required number of analyses can be controlled according to [11]
through convergence of 3 and pr. The ability to reflect the desired distribution of the probability
density function (PDF) of the system variables can only be achieved by performing a sufficient
number of random analyses. This can be seen as the main disadvantage of the MCS, as this can
be a time-consuming process.

2. CASE STUDY

In this study, MCS-FEM analyses of a 20 m-deep excavation case history [12] of an anchored
drilled shaft support system designed for the temporary excavation of Movenpick Hotel in
Ankara was conducted. 6 rows of pre-stressed ground anchors and 65 cm diameter piles are
used in the support system. Contribution of the traffic surcharge load is taken as 10 kPa. During
construction period, ten inclinometers were placed in specific coordinates. [12] conducted a
comprehensive study in order to compare finite element results to those determined by
inclinometer readings. Soil parameters are estimated by SPT-N and PI relation using [13]
method in order to simulate field inclinometer readings in [12]. According to the data obtained
from the inclinometers, the maximum lateral displacement (6n) on the anchored drilled shaft
support recorded as 26 mm was obtained via finite element back analysis.

In the current study, the effect of soil variability on the anchored drilled shaft support’s lateral
displacement was evaluated. Firstly, anchored drilled shaft support was resubjected to back
analysis to model inclinometer readings. Then, after determining the mean values of the
geotechnical parameters through back analysis, statistical parameters were defined in
accordance with the case study [12]. For this purpose, finite element analyses with PLAXIS 2D
were performed with Python scripting software and the reliability of the deep excavation
designed with the conventional method is examined by the MC simulation method.

Anchored drilled shaft support was subjected to back analysis with finite element method
(PLAXIS) in order to model approximately 26 mm lateral displacement that was measured in
the field. Clay layers were modelled using Hardening Soil (HS) material model as used in [12].
The geometry used in the analyses is presented in Fig. 3.

1 i
17m I |

Clay-1

Clay-2

Figure 3. PLAXIS 2D Deep excavation geometry

The same parameters described in [12] for fill and clay layers were used in the back analysis.
The target displacement value of 26 mm according to inclinometer data was reached in order
to model the wall behavior realistically. Soil parameters that are the basis for risk analyses are
presented in Table 1.
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Table 1. Soil parameters used in back analysis

Parameter Fill Clay-1 Clay-2 Unit
Material Model HS HS HS -
Type Drained Drained Drained -
= 12000 55000 110000 KN/m?
Eoed™ 12000 55000 110000 KN/m?
Eu" 36000 165000 330000 kN/m?
¢ 3 20 25 KN/m?
¢’ 25 25 25 °

According to deterministic analysis performed with PLAXIS finite element software, maximum
lateral displacement and moment values were calculated as 26 mm and 236.7 KNm/m
respectively (Fig. 4-5).

= {

Bending maments M (scaled up 0.0200 times)
Mareen value = 54,64 kN mim (Element 2 ot Node 758)
Minimurm value = <236, 7 I4 mim (Blarent 13 28 Mode 4822)

Total displacements |u| (scaled up 200 times)
Masmurm waloe = 002654 m {Element 10 a1 Mode 2747)

Figure 4. Maximum lateral displacement and moment value obtained from PLAXIS 2D

3. FAILURE MECHANISMS AND LIMIT STATE FUNCTIONS

In the context of anchored deep excavation’s risk assessments, three main mechanisms should
be examined:

e Support failure (pile etc.)
e Exceedance anchor capacity
e Soil failure

The system failure is considered to be exceedance of the wall lateral displacement and pile
structural limit. As a result of the PLAXIS 2D analyses, if the 3 m-deep fill layer do not collapse
or the plastic limits are not exceeded, the analyses are considered to be successful, and a
message written by user is displayed via Python virtual environment. This success statement is
not associated with the reliability. It just means that the results of the analyses can be obtained
for risk assessment whether the failure mechanism is within the limits or not. However, during
analyses if the plastic limits are exceeded or soil is failed during the analyses, the result screen
displays “soil collapse” or “load advancement” warnings as error codes indicating that the
system has failed.
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Failures caused by soil failure and exceedance of plastic limits need to be stored separately
during the iterative analyses. To determine limit structural capacity of pile, the load resistance
factor was taken as 1.5 according to [14]. In PLAXIS analyses, 0.3% of the excavation depth
proposed in [15] and [16] was accepted as the limit failure value.

4. SOIL VARIABILITY IN ANKARA CLAY

Anchored drilled shaft support construction was conducted in Ankara Clay. According to [12]
soil profile was idealized in 3 layers: Fill, Clay-1 and Clay-2. Soil variability of Ankara Clay
was defined for only Clay-1. For finite element analyses, it was assumed that only Clay-1 layer
which contains all of the anchors and effects lateral movement directly had variable
geotechnical parameters. The characteristics of the Clay-2 and Fill layers were considered to be
deterministic. The assumed probability distribution for Clay-1 layer’s strength parameters is
log-normal, and mean statistical parameters of this layer were assigned by back analysis.
Coefficient of variation (COV) values for Clay-1 parameters were estimated using [17]. The
estimated statistical parameters for Ankara Clay are presented in Table 2.

Table 2. Statistical parameters used in risk analyses

Soil variability of Clay-1 layer

Parameter cu (kPa) ¢’ (kPa) o' (°)

Mean, p 200 20 25
Coefficient of 93 13
variation, COV

In the analyses, the sand-gravel bands which are common in Ankara Clay were taken into
consideration in order to investigate the effect on support system behavior. The effect of sand-
gravel bands in Ankara Clay was included by applying variable anchor loads. Therefore, no
separate sand-gravel layer had to be defined. [18] states that these bands cause a rapid decrease
in anchor capacity, with anchor test failure loads that range between 70-200 KN. Ankara Clay’s
sand-gravel band content was investigated using 37 borehole logs presented by Akademi
Project in Ankara. According to this data, with the probability of 15% an anchor will be within
the sand-gravel band, otherwise construction will be in clay layer with the 400 kKN pre-stress
capacity, as stated in [12]. By means of the probability of existence of sand-gravel content, pre-
stress load range was assigned to anchors iteratively in a random way under uniform distribution
assumption. In case an anchor fixed length is located within the sand-gravel band, which has a
probability of 15%; a pre-stress value between 70-200 kN was applied to the anchors, instead
of the 400 kN given in the case history ([12]). For this purpose, a uniform probability
distribution function from Python software was used in finite element analyses.

5. RELIABILITY ANALYSES

100, 300, 500 and 1000 simulations were conducted to estimate the required number of
iterations for reaching a constant reliability index value in the analyses. According to results
obtained from 1000 simulations, maximum lateral displacement and moment values of drilled
shaft wall, reflect the assumed log-normal distribution. Fig. 5 shows the distribution of the
histograms for 1000 simulations.
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Figure 5. M-C FEM lateral displacement and pile moment histogram (1000 simulations)

Within the scope of risk assessments, it can be argued that errors of the soil collapse in 3 m-
depth fill layer and load advancement failures can be neglected considering that the construction
of the structure has been completed without failure by a large scale of displacement in the short
term (without drainage) condition.

MCS analyses were conducted in order to examine two issues affecting the system reliability:
the exceedance of the wall lateral displacement (Fig. 6a) and the pile structural capacity limits

(Fig. 6b).
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Figure 6. M-C FEM failed analyses (a)lateral displacement and (b)pile moment histogram

Within the scope of the anchored drilled shaft support’s reliability assessment, the results of the

analyses are presented in Table 3.
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Table 3. Risk analyses’ results

Limit lateral
rtions, () | moment | P09 P
exceedance
100 2 2.0 2.05
300 8 2.7 1.93
500 15 3.0 1.88
1000 26 2.6 1.94

Taking into consideration of the afore-mentioned points, sufficient simulation number for this
case history can be chosen as 500. After 500 simulations probability of failure and reliability
index approaches a nearly constant value.

Risk analyses have shown that in Ankara Clay, considering sand-gravel band’s adverse impact
on anchor capacity results in a remarkable drop in the reliability. B value was measured as
approximately 1.9, and this value is below the acceptable limit defined as 2.3 according to [19].

6. CONCLUSIONS

The reliability of an anchored deep excavation support system has been investigated
considering the soil variability within Ankara Clay in conjunction with the sand-gravel content
based on the previous studies. With back analyses, lateral wall displacements measured as 26
mm in the field were recalculated and a large number of iterative analyses were performed to
assess the probability of failure.

During the construction process of anchored deep excavations performed in sand-gravel bands
in Ankara Clay, the impact of the loss of anchor capacity should not be underestimated during
the design phase. A comprehensive field and laboratory study and anchorage tests in the field
should be carried out, sand-gravel band presence should be determined, and the design should
be confirmed. The effect of sand-gravel band existence in Ankara Clay on wall system behavior
was examined and the reliability of the system was determined to be below the limits. This
assessment is based on the assumption that Anchorage capacities are not field-tested.

The fact that deep excavations designed by traditional methods provide traditional safety
coefficients does not mean that the design is safe. Because, traditional methods include
uncertainties that cannot be taken explicitly into account and this should encourage the designer
to perform probabilistic analyses to determine the system failure level.

Even if the number of the analyses in MCS create a disadvantage in the elapsed time, it is
important to conduct adequate number of analyses to correctly interpret the results of the
reliability analyses. To specify the number of analyses, reliability index values should converge
for the specified failure mechanism.
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ABSTRACT

Sand-bentonite mixtures are usually used for impervious barriers at nuclear waste repositories,
municipal solid waste landfill liners, etc. These mixtures must keep their strength and hydraulic
conductivity properties without any changes for a very long time. The literature studies have
shown that high temperature and thermal cycles have negative effects on the hydraulic
conductivity and strength of soils. For example, hydraulic conductivity increases in the presence
of high temperature. For that reason, the resistivity of sand-bentonite mixtures should be
increased against high temperatures when they are used in liners. Boron minerals are used in
order to increase the thermal resisitivity of materials in industry. Hence the boron mineral
namely; ulexite can be added to the sand-bentonite mixtures in order to improve strength and
hydraulic conductivity properties of these mixtures against high temperature or thermal cycles.
In this study, the compaction, consolidation and shear strength properties of ulexite added sand-
bentonite mixtures were investigated at room temperature. Additionally, the shear strength
behavior of ulexite added sand-bentonite mixtures were investigated at high temperature
(80°C).

The sand-bentonite mixtures were prepared which contains 10% bentonite. The 10% and 20%
ulexite were added to these mixtures. The mixtures were prepared according to the compaction
test results (dry unit weight and optimum water content+2%). According to the test results, as
the ulexite additive reduced the optimum water content value, increased the maximum dry unit
weight. For consolidation tests, when the ulexite was added to the sand-bentonite mixtures,
amount of the total vertical strain (compressibility) increased as the ulexite percentage
increased. The maximum shear stress value of sand-bentonite mixtures in the presence of
ulexite at 80°C was generally higher than those of at room temperature.

Keywords: Boron, Ulexite, Shear Strength, Consolidation, Compaction, Temperature.

1. INTRODUCTION

Energy structures such as nuclear waste repositories, energy piles, geothermal energy
structures, heat storage systems, buried high voltage cables, CO2 sequestration plants, etc.
directly connect to the soil and cause thermal heat changes on the underlying soils. For example,
it is necessary to understand the behavior of soil at temperatures up to 100°C due to the necessity
of radioactive disposal [1]. Heat is generated as a result of decomposition of organic compounds
and biochemical processes of wastes in landfills. Such heat may adversely affect the soil in a
hydraulic and mechanical way in terms of long-term behavior in landfills. Previous studies have
shown that high temperatures affect hydraulic conductivity, volume change (compressibility-
swelling) and shear strength parameters of soils [1, 2, 3]. When bentonite was heated to 100°C,
a decrease in cohesion and an increase in the internal friction angle were observed [4]. The
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shear strength of the normally consolidated clay increases when the soil temperature increases
or subjecting to a temperature history [1]. Hydraulic conductivity increases with increasing
temperature because of the change in fluid viscosity depending on temperature. The hydraulic
conductivity of compacted bentonite at 80°C was investigated to be 3-4 times higher than that
measured at 20°C [3]. Change in soil behavior depending on temperature is explained with clay
interparticle forces and viscous shear resistance of adsorbed water [5].

Sand-bentonite mixtures are commonly used in landfill liners and nuclear waste repositories.
Because bentonite is a material with low hydraulic conductivity and high water retention
capacity. Bentonite is a highly swelling clay and shrinks when becomes dry. Therefore, it is
used by mixing with sand in landfills. There is a need for thermally resistive and durable soil
layers at the nuclear waste landfills and around the energy structures. For that reason, boron
mineral addition to the sand-bentonite mixtures may increase the durability of these soil
mixtures against to high temperature.

Natural borates are used to define concentrated boron ores such as; tincal, colemanite, and
ulexite. Ulexite is a boron mineral which is quite rich in terms of sodium and calcium minerals
(NaCaBs09.8H20). Boron is used in many application areas like energy, metallurgy, cement,
glass and ceramic. For example, in the production of heat-resistant glassware and high-quality
glass for use in electronics and space research boron minerals are used. Boron mineral
significantly reduces heat expansion of the glasses, protects the glass against acid and scratches.
Boron is known with its resistance against high temperature. For that reason, the ulexite added
sand-bentonite mixtures may show high resistance against high temperatures and thermal
cycles.

The objective of this study is to investigate the compaction, consolidation, shear strength
behavior of sand-bentonite mixtures with boron mineral namely; ulexite. The effect of ulexite
on the consolidation (at room temperature) and shear strength behavior (at room temperature
and 80°C) were investigated.

2. MATERIALS AND METHODOLOGY
2.1. Materials

In this study, sand, Na-bentonite and boron mineral, namely; ulexite were used. The Na-
bentonite was supplied from Eczacibasi Esan Mining Company. Ulexite were gathered from
Eti Mining Operations General Directorate of Turkey. The physico-chemical properties of these
materials are summarized in Table 1.

Table 1. The physico-chemical properties of bentonite, sand and ulexite samples

Bentonite Sand Ulexite
Specific gravity 2.70 2.63 1.98
Liquid limit (%) 476.0 - 33.4
Plastic limit (%) 70.1 - 25.1
Plasticity index (%) 405.9 - 8.2
pH 9.5 - _

For all experiments, Na-bentonite and sand were used after drying for 24 hours in the oven
(105°C). The sand and bentonite were sieved through No.6 (3.35mm) and No.200 (0.075mm)
sieves after drying, respectively. The initial water content values of the ulexite were determined
for each test and considered at the sample preparation.
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The percentages of the bentonite, sand, ulexite in the mixtures and the test set-up are shown in
Table 2. The samples were named as abbreviation of bentonite as “B”, sand as “S” and ulexite
as “U”. For example, 9B-81S-10U sample contains 9% bentonite, 81% sand and 10% ulexite.
While preparing the mixture, 10% or 20% of the total dry mixture was ulexite, then 10% of the
remaining part was bentonite and 90% sand.

Table 2. Test set-up

Test Sample Compaction | Consolidation Direct shear tests
tests tests
Room

temperature 80°C
100U v v v v
10B-90S v v v v
9B-81S-10U v v v v
8B-72S-20U v v 4 4

2.2. Methodology
2.2.1. Compaction tests

The compaction tests were carried out in accordance with ASTM D698 (2012e2) [6]. Firstly,
dry materials were prepared at the specified percentages and mixed in a basin. Then the water
was added by spraying and the mixture was blended homogeneously. The sample was prepared
in four different water contents for each experiment. Subsequently, the samples were placed in
plastic bag and kept for 24 hours.

The experiments were carried out by applying Standard Proctor energy in the automatic
compactor. In this test, the mixtures were compacted into 2 layers by falling the 2.5 kg hammer
from 305 mm. In addition, 43 drops were applied to each layer to obtain the Standard Proctor
energy. After completion of the experiment, the soil was removed from the mold by hydraulic
jack. At the end of the test, the representative sample was taken from the compacted soil and
dried in the oven (105°C) for water content determination.

2.2.2 Consolidation tests

Consolidation tests were performed according to ASTM D2435 (2011) [7]. For consolidation
tests, the samples were prepared as at the 2% wet side of the optimum water content and the
dry unit weight value corresponding to this water content. The prepared sample was placed into
the ring by compaction with a wooden tamper. The ring was placed in a cell filled with water
and seating pressure (6.86 kPa) was applied for 24 hours. Then loading was started. When the
deformations reached to negligible level the next loading was started. Load increment ratio
(LIR) was applied as 1.0. After the consolidation completed the sample was unloaded to 196
kPa then to 49 kPa. It was waited until swelling completion at each unloading step.

2.2.3. Direct shear tests

In this study, direct shear tests were performed under consolidated-drained (CD) conditions [8].
Firstly, dry materials were mixed according to the predetermined percentages, then water was
added and mixture mixed homogenously. The prepared sample was placed in the square mold
in three layers by compaction with wooden tamper according to the parameters obtained from
the Standard Proctor test. The mold was waited for 24 hours in a tray filled with water to allow
the sample to be saturated, and weight was placed on the sample to prevent swelling. Then the
sample was carefully placed to the shear box and after being consolidated the shear part was
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started. The water and soil were heated during the consolidation and shear parts. The specially
designed heat rod was used to elevate the temperature to 80°C and thermostat was used to keep
the temperature constant. The temperatures of the soil and water were measured by two
different K-type thermocouples. The thermocouples were connected to the digital thermometer
which recorded and stored the temperature data.

3. RESULTS AND DISCUSSIONS
3.1. Compaction Tests Results

The compaction parameters of 10B-90S mixtures were determined in the presence of 10% and
20% ulexite. The Figure 1 shows the compaction characteristics of the 10B-90S mixtures in the
presence of ulexite.
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Figure 1. Compaction curves of 10% sand-bentonite mixtures in the presence of ulexite

As shown in Figure 1 ulexite addition to 10B-90S mixtures reduced the optimum water content
while increased the maximum dry unit weight. As ulexite additive percentage increases in the
mixture the yqmax value increases. As it is seen, it is clear that the all percentages of ulexite
decreased the wopt Value. However, the highest decrement in wopt Value is seen in the presence
of 10% ulexite. The compaction parameters of only ulexite were also obtained. As a result of
this test yamax value of ulexite is 13.83 KN/m?, the Wopt value is 21.5%. The waopt value of ulexite
increased compared to the 10B-90S mixture, while the yimax value decreased. The compaction
parameters obtained from compaction tests are given in Table 3.

Table 3. Compaction parameters of all mixtures and ulexite

Sample Wopt (%0) vdmax (KN/m?3)
100 U 215 13.83
10B-90S 16.5 16.19
9B-81S-10U 13.5 16.78
8B-72S-20U 14.2 16.87
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3.2. Consolidation Tests Results

The compression curves of 10B-90S mixtures are given in the presence of ulexite in Figure 2.
When the ulexite admixture was added to the 10B-90S mixture, it is clear that it increases the
amount of vertical strain (compressibility). The vertical strain amount of 10B-90S mixture
increased from 6.6% to 8.1% in the presence of 10% ulexite additive and to 12.44% with 20%
ulexite.
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Figure 2. Vertical strain-effective stress relationships for 10% sand-bentonite mixtures in the
presence of ulexite

When ulexite is added to 10B-90S mixtures, it is seen that the amount of swelling decreases.
The amount of swelling decreased to 1.14% in the presence of 10% ulexite and 1.09% in the
presence of 20% ulexite. Increasing the amount of ulexite from 10% to 20% did not
significantly change the amount of swelling.

The total vertical strain values at the compressibility and swelling tests are given in Table 4.
Table 4. Total vertical strain of test specimens

Sample Total vert_ic_a_l strain | Total ver_tical strain
(compressibility) (%) (swelling) (%)
10B-90S 6.58 1.34
9B-81S-10U 8.07 1.14
8B-725-20U 12.44 1.09
100U 8.57 0.53

3.3. Direct Shear Tests Results

The shear strength parameters of 10B-90S mixtures were determined in the presence of ulexite
under room temperature and 80°C. Table 5 shows the shear strength parameters obtained from
the direct shear tests at room temperature and 80°C.
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The internal friction angle value of ulexite, which was 21.2° at room temperature, increased to
35.4° under 80°C, indicating a marked increase in the internal friction angle value with
increasing heat. The cohesion value of ulexite, which was 26.8 kPa, decreased to 12.1 kPa under
80°C. In the direct shear tests, when the ulexite additive was added to the 10B-90S mixtures,
the internal friction angle values decreased while the cohesion values increased at room
temperature. The internal friction angle value of the 10B-90S mixture, which is 33.6°, decreased
to 31.3° with 10% ulexite and to 22.1° with 20% ulexite. The internal friction angle and
cohesion values of sand-bentonite mixtures increased with ulexite addition under high
temperature (80°C). The internal friction angle value of the 10B-90S mixture at room
temperature increased under elevated temperature (80°C).

Table 5. The shear strength parameters of the sand-bentonite mixtures in the presence of
ulexite at room temperature and 80°C

Room Temperature 80°C
Sample
0'(°) ¢’ (kPa) o' ¢’ (kPa)
10B-90S 33.6 51.7 32 47.3
9B-81S-10U 31.3 57.8 34.7 49.8
8B-72S-20U 22.1 54.8 32.8 50
100U 21.2 26.8 35.1 12.1

Figure 3 shows shear stress-normal stress graph of 10B-90S mixtures in the presence of ulexite
at room temperature and 80°C temperature.
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Figure 3. Shear stress-normal stress graph of 10% sand-bentonite mixtures in the presence of
ulexite

The maximum shear stress values of the 10B-90S mixtures decreased as the ulexite additive
ratio increased at room temperature. It is seen that the maximum shear stress values increase at
80°C. However, in general, the maximum shear stress values of 10% ulexite additive mixtures
are higher than those of 20% ulexite mixtures. The maximum shear stress behavior of the 20B-
80S mixtures at room temperature was similar to that of the 10B-90S mixtures. The shear stress
value decreased as the ulexite content increased. According to the results of the tests performed
at 80°C, the maximum shear stress was generally increased as the percentage of ulexite
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increases. Figure 4 shows the relationship between the maximum shear stress and ulexite
content of the mixtures at room temperature and 80°C.
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Figure 4. Maximum shear stress-ulexite content of mixtures at room temperature and at 80°C

As shown in Figure 4, a significant increase in maximum shear stress was observed with
increasing temperature, especially for 8B-72S-20U mixture.

4. CONCLUSIONS

In this study, engineering properties of sand-bentonite mixtures in the presence of ulexite were
studied, shear strength behavior was examined at room temperature and at 80°C. According to
the tests results, the ulexite additive resulted an increase in the yqmax Of the sand-bentonite
mixtures and decrease in the wopt Value. In addition, when the ulexite was added to the sand-
bentonite mixtures, amount of the total vertical strain (compressibility) increased as the ulexite
percentage increased. However, the amount of swelling decreased in the presence of ulexite.
However, the increase in ulexite from 10% to 20% did not cause a significant change in swelling
value. According to the direct shear test results, when the sand-bentonite mixtures were heated
to 80°C, the @' value and ¢’ value decreased. Although the @’ value with the ulexite additive
decreased at room temperature, it increased at 80°C. Furthermore, the @' value of sand-
bentonite mixtures in the presence of ulexite at 80°C was higher than the sand-bentonite-ulexite
mixtures at room temperature as well as the non-additive sand-bentonite mixture at 80°C. In
addition, the maximum shear stress value of sand-bentonite mixtures in the presence of ulexite
at 80°C was generally higher at room temperature. The results of this study have shown that
ulexite additive has a promising effect on the shear strength behavior of sand-bentonite
mixtures. The further studies are needed on the long term behavior of ulexite added sand-
bentonite mixtures under high temperatures.
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ABSTRACT

Piled foundations are largely employed as settlements reducers in artificial embankments based
on soft soil strata. Despite of their well-documented effectiveness, the complex interaction
processes taking place within both the embankment and the soft foundation soil to transfer loads
to piles, are not yet fully understood. Engineering design methods are generally based on
simplified approaches not allowing to quantitatively evaluate total and differential settlements
at the top of the embankment during and after the construction. Depending on the construction
time, hydro-mechanical coupled phenomena may affect or not the accumulation of delayed
settlements at the top of the embankment.

In this paper, a rheological model capable of describing the consolidation process taking place
in embankments of fixed geometry is presented. The model, derived from the results of an
extensive of non-linear 3D finite difference numerical campaign, allows to quantitatively
estimate the evolution of settlements at both the top and the base of the embankment with time.

Keywords: Embankments, Constitutive Modelling, Ground Improvement.

1. INTRODUCTION

With the aim of reducing settlements at the top of earth embankments on soft soil strata, piled
foundations have been widely used in the past. Despite the well-documented effectiveness of
this technique, the complex interaction mechanisms, transferring vertical loads toward the piles,
are not fully understood. The approaches suggested in the most used design standards ([1] and
[2]) to analyze the response of this type of “geo-structures”, based on the concept of “arching
effect” ([3] and [4]), allow to estimate the stresses applied to the pile neglecting the
embankment settlements.

In di Prisco et al. [5] a rheological model to interpret the mechanical response of a piled
embankment based on dry soft soil was proposed. This rheological model relates the increment
in the embankment height to the increment in both average and differential settlements. In this
paper, the authors intend to extend the model to the case of embankments based on saturated
soils. The construction process is here disregarded and considered as instantaneous.
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Figure 1. (a) numerical discreization of the problem; (b) geometry of the problem.

2. METHODOLOGY

The numerical model (Figure 1.a) has been realized by means of FLAC3D code (Itasca

Consulting Group).

Only one axisymmetric cylindrical cell has been considered by disregarding flank effects
(Figure 1.b). The cell is composed of: (i) one pile of diameter d and length I, (ii) surrounding
soil and (iii) embankment stratum of thickness h. The diameter of the whole cell s is assumed
to be coincident with the pile spacing. On the lateral boundaries and at the base of the domain
normal displacements are not allowed. The concrete pile is modelled as a linear elastic
cylindrical inclusion. The mechanical behaviour of both the foundation and the embankment
soil is assumed to be elastic-perfectly plastic. The failure condition is given by the Mohr-
Coulomb criterion and the flow rule is assumed to be non-associated. Smooth interface elements
are introduced between pile and foundation soil.

—_— | T et T

7

Figure 2. Rheological model
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The modified rheological model (Figure 2) seems to be capable of simulating the evolution of
the displacements at the top of the embankment above the column (Uc¢) and the foundation soil
(Us) with time. The model depends on: (i) the geometry of the unit cell, (ii) the soil unit weight,
(iii) the stiffness moduli (for the column Ec, the foundation soil Ef and the embankment Ee). In
Figure 2 h represents the height of the yielded portion of the embankment (“process” height);
whereas the height corresponding to the plane of equal settlements is defined as he. T in Figure
2 represent the load transferred toward the pile during the consolidation process.
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Figure 3. Comparison between rheological model and numerical model. (a) normalized stress
acting on the column and on the foundation soil; (b) normalized differential and average
displacements.

3. RESULTS

For the sake of brevity, the results relative to one reference geometry (d =0.5m, s =1.5 m and
I =h =4 m) are discussed. The constitutive parameters employed are enlisted in Table 1.

Table 1. Mechanical parameters

Unit Young | Poisson’s | Friction | Dilatancy
weight | modulus ratio angle angle
(kN/m3) | (MPa) () ©) ()
Column 25 30000 0.3 -
Embankment 18 10 0.3 30 0
Foundation soil 18 1 0.3 40 0

With the aim of validating the model, the obtained results have been compared with the
numerical results. A satisfactory agreement in the development of the stress acting on both the
column and the foundation is obtained (Figure 3.a).

In Figure 3.b both the average and differential displacements at the top of the embankment
(ut,av and ut,diff, respectively) have been normalized with respect to the displacement that
would be obtained for the corresponding system without piles (uo) as it follows:

Ut,qv

Ut,av =1- u
0
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Utaiff =1 —

The non-dimensional differential displacement at the top of the embankment (U giff) is 1 for
both the models (Figure 3.b), meaning that the dimensional differential settlement in nil. The
agreement in the average displacements (Utav) of the rheological model is also satisfactory.

4. CONCLUSION

In this paper, a rheological model capable of reproducing the mechanical response of
embankments positioned on a piled foundation is presented. The model considers the evolution
with time of stress and settlements. The model results have been validated against 3D numerical
analyses data. Due to the satisfactory agreement, according to Authors the model can be
employed as a preliminary design tool of pile supported embankments.
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MAIN CAUSES OF INJECTION BORE ANCHORS FAILURES WITHIN
CIS COUNTRIES

Vladimir Matsiy*, LLC SLC GeoProekt, Kuban State Agrarian University, vmatsiys@gmail.com
ABSTRACT

This paper involves discovering how specific steel characteristics and technological processes
influence the slope stability and safety of automobile roads in sites where there is a danger of
landslides. Ground anchors became quite common landslide protection engineering measure in
the last decade within CIS countries. Struggle between various ground anchor manufacturers
causes variety of bore-injected ground anchors in their construction and their technical details.
Furthermore, increasing some of steel characteristics can cause decrease of other important steel
properties. On this point we can observe cases, when ground anchor walls break down, and
other cases, when due to the problems with construction corrosion appears on the geotechnical
structures. The aim of this research was to compare “good” and “bad” cases of ground anchor
implementation and determine optimal properties (hardness, rigidity, etc.) of anchor
components.

Keywords: Geotechnical Engineering, Ground anchors, Landslide protection, Landslide Risk,
Russia.

1. INTRODUCTION

Last decades due to the development of transportation infrastructure there are loads of works
within hazardous areas. In many cases development of automobile roads and railways imply
excavations and affection on the integrity of soil missives. Moreover, different actions on the
construction site of the road in landslide zones, especially within mountainous areas, can cause
slope instability. So there was a need in not only technical and financial efficient engineering
protection complex of measures, but also “easy to” deliver and install system. In that injection
bore ground anchors became a salvation. After Ischebeck Titan breakthrough product has
shown its advantages a number of bore-injected ground anchor enterprises have appeared. The
compete for the pocketbooks of customers between them all brought various cases of ground
anchor implementation. Even more, according to the results of some works we can see the
extent of several factors (materials, cement and sand grout slurry, transportation, etc.).

2. INJECTION BORE ANCHORS

2.1. Injection Bore Anchor Components

Injection bore anchors consist of threaded hollow steel bar, nut, plate, couplers (sleeves) and
spacers [1]. Every component has its purposes. Otherwise every component of each injection
bore anchor should be made by one manufacturer. Composing ground anchor from components
made by different enterprises could lead to the various failures of this construction due to the
difference between threads, sizes, etc.
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Also there is another significant component of this construction — grout. Grout is a protection
layer of ground anchor. It provides not only shearing stress protection, but also anticorrosive
protection. Secondary, delivery of cement allows to get rid of drill cuttings from the borehole
and increase bearing capacity of injection bore anchors. The list of requirements for grout are
prescribed within number of CIS standards. Brief requirements are given in table 1.

Table 1. Prescribed grout properties

Property Unit of measurement Prescribed values
Density g/cm?® >1.8
Cement setting time Hour >1
Hardening temperature °C 8-10
Compressive strength in 7 days MPa >21
Compressive strength in 28 days MPa > 30
Relative viscosity Second <30

In case of building in areas with low temperatures additives should be used. Also, to stabilize
temperature conditions from low to normal (above 8-10°C) ash is most financial and
technological efficient measure.

2.2. Stress-Strain Curves

In debates, which ground anchors are better there is a quite common argument — sustainability
for stresses of a steel bars. But in many cases the more loads could steel bars bear, than harder
it is. According to the resistance of the materials studies [2] we now the stress-strain curves
(figure 1). Low-carbon steels are ductile. When stresses become intolerable, this steel starts to
deform on the point "Y". Their yield stress capacity is long enough, before failure appears on

the point "F".
Ductile Material Brittle Material

U U, F

Stress, O
Stress, O

Strain, € Strain, €
Figure 1. Stress-strain curves
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High-carbon steels are not applicable in bore-injected ground anchor systems for a several
reasons. According to the figure 1, the steel should be ductile. It is very important in case of
ground anchor can lose its bearing ability, so in the moment, when stresses are not tolerable,
considerable strain could be visualized and measures could be taken on time. Otherwise,
financial and social losses could be much more horrifying. In some cases, it is pretty useful to
install sensing systems [3] to control the deformations and take urgent measures and
maintenance, if stress is more than enough.

3. INJECTION BORE ANCHORS IMPLEMENTATION CASES
3.1. Bad Cases of Bore-Injected Ground Anchors Implementation

Due to the significant implementation increase of the ground anchors many failures appear.
There are number of reasons for it. First of all is about steel bars mechanical properties. The
difference between national standards and distinctions between steel grades cause a number of
failures, that we can classify in two types: high-carbon steel bar deformations during the drilling
process and failures during the exploitation. Broken anchor is shown on figure 2. There were
two main causes of its failure. The first cause was the brittle steel that threaded steel bar had
been made from. Another reason of this kind of failure was the drill bit. As it is shown on the
figure 3 drill bit was misshapen badly, while the drilling process. Moreover, there is only one
opening in the drill bit and it is straight to the drilling destination. It means, that grout cannot
go up within the borehole and cover the steel bar. Consequently, injection bore anchor loses its
bearing capacity and brakes down. The fundamental problem — is quite meagre regulatory
framework.

Figure 2. Shear of the anchor steel bar
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Figure 3. Misshapen ground anchor drill bit

Protection from corrosion is another important factor to retain bearing capacity. Another point
of anti-corrosion protection is various chemical covers. Failure (figure 4) appeared due to the
poor anti-corrosion covers. Information about corrosion protection presented in EN 1537:2014
[4], but CIS countries do not work with EN standards. Again, regulatory framework should be
reworked to solve this kind of problems.

-

-~

Figure 4. Corrosion of the construction
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o

Figure 5. Poor grout of the injection bore anchor

The grout coating of the steel bars is one from many anti-corrosion measure. Cement envelops
the steel bar, so if there are some micro deformations in steel surface, integrity of the
engineering structure will be retained. Poor grout, caused by number of reasons (bad drill bit
construction, low pressure while grouting) otherwise can cause serious damage to the
construction (figure 5). Observing a number of experimental injection bore anchors it was found
that the modulus of elasticity (E) of the steel bar, used for that type of construction should be
equal to 210 N/mm?. This Young's modulus value provides enough strain resistance of steel
bar-grout system.

3.2. Ways the Failures Could Be Prevented

On behalf of the program of harmonization of the European and Russian standards a several
upheavals appeared. One of many is that translated EN's has a lot of references to another
European documents, that still not imported into the national standard program. Analyzing
national standards, the main cause of unfavorable condition was found. Alongside of the ground
anchor popularization there is a need for number of national standards within CIS countries.
Each standard should regulate each branch of its implementation (design, production,
installation, anticorrosive measures, etc.). So, the most efficient way to solve that problem
would be to rework the building rules and governmental requirements for the ground anchors,
dividing some building rules into particular documents that should encompass various fields,
where this type of construction is used (soil-nails, micropiles, ground anchors).
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4. FURTHER DISCUSSION

As some recommendations there are several things, that should be followed, when ground
anchors are chosen as an engineering protection measure of the slope. Steel bars should be made
of ductile material. High-carbon steels are quite an unfavorable option, due to their properties.
Recommended mechanical properties for steel bars are shown in table 2. Values in table 2 are
provided by long-term experiments that were held on a construction sites.

Table 2. Recommended mechanical properties for the steel bars

Property Unit of measurement Recommended values
Yield stress N/mm? 430-600
Tensile strength N/mm? 550-730
Elongation % 17
Impact toughness (-20°C) Jlem? 40
Impact toughness (-50°C) Jlem? 27

5. CONCLUSION

The problem of the injection bore ground anchors failure can be eliminated. It will, however,
take time, money, and a combined effort on the part of many specialists. Restriction for using
ground anchor components from various manufacturers is one of the most rapid and effective
measures. The bore-injected system should be produced by one manufacture and makers should
be responsible for their production, especially for defects and aberrations. Moreover, there is a
need for complex design approach within CIS standards.
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